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This thesis include a literature study on concepts in lateral stability systems in tall
buildings. Features of different lateral stiffness systems are compared in the study,
with focus on the application of rigid frame building system in tall buildings.

The rigid frame building system comprises beams and columns connected with rigid
or semi-rigid joints, transferring moment between them. The degree of stiffness of the
joints between columns and beams directly affect the stiffness of the building. Rigid
frame buildings have an upper height range of about 25 stories. The economic height
of rigid frame buildings is in most cases limited by the building systems difficulty to
control lateral drift. Rigid frame buildings have only columns in the plane, making the
placement of openings, walls and windows very flexible. While not being a popular
building system for tall buildings today, many tall buildings comprise rigid frames in
addition to other building system for added lateral stability and robustness.

A case study is conducted in this study on the subject of a fictional 30 story building
in Finnish conditions, with characteristic wind- and snow load values and combina-
tions. Focus is set on the member stiffness properties needed for fulfilling regular drift
index criteria as well as characteristic peak along-wind acceleration values and global
stability. The impact of changing degree of fixity in the beam-column joints as well as
changing axial stiffness in the columns were also studied. Different frame alternatives
are analyzed in an iterative fashion using FEM-computation.

The result of the case study provide information on what properties the elements in
a rigid frame building must possess in order to pass general serviceability acceptance
criteria in Finland. It also illustrates some of the difficulties involved in designing a
rigid frame tall building in Finnish conditions.

Additionally it is found that the reliability of rigid steel joints, especially bolted such,
is hard to verify. Rotational stiffness of bolted steel joints are mostly obtained by
experimental data. This becomes important in the rigid frame building system because
its stability relies on the rigidity of these joints. Welded joints are more favourable in
a rigid frame because of their rotational stiffness.
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Työn nimi:
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Tämä diplomityö sisältää kirjallisuustutkimuksen korkeiden rakennusten
jäykistysjärjestelmistä. Eri jäykistyssysteemien ominaisuuksia on verrattu tut-
kinnossa. Kehäjäykistyksen soveltuvuutta korkeaan rakentamiseen on analysoitu
tarkemmin.

Kehäjäykistetty rakenne koostuu jäykästi tai osittain jäykästi toisiinsa kiinnitetyistä pi-
lareista ja palkeista. Rakennuksen jäykkyyteen vaikuttaa olennaisesti liitoksen kiin-
nitysaste. Rakennuksen taipuman vuoksi pelkästään kehärakenteena jäykistetty ra-
kenne on taloudellinen rakennusjärjestelmä kun rakennuksessa on kerroksia enintään
25. Kehäjäykistetyn rakennuksen tasossa on vain pilarit, mikä mahdollistaa aukko-
jen, seinien ja ikkunoiden vapaa sijainti. Pelkästään kehäjäykistetyt korkeat raken-
nukset ovat harvinaisia. Korkeissa rakennuksissa on kuitenkin usein käytetty seka-
muotoista jäykisysjärjestelmää jossa kehäjäykistykseen on yhdistetty esim ydinkuilu
jäykistämään rakennusta. Tämä parantaa kokonaisuuden stabiiliutta ja rakenteen ko-
konaisjäykkyyttä.

Osana työtä on tutkittu 30 kerroksista rakennusta johon vaikuttavat suomessa vallitse-
vat tyypilliset luonnonkuormat, kuten tuuli- ja lumikuorma. Tavoitteena oli selvittää eri
hyväksymiskriteereille kehärakenteena jäykistetyn rakennuksen toiminta johon oleelli-
seesti vaikuttavat pilareiden ja palkkien jäykkyydet, ja näiden jäykkyyssuhteet. Tuulen
aiheuttavat huippukiihtyvyyksiä on myös tutkittu työssä. Liitoksien jäykkyysasteen ja
pilareiden aksiaalijäykkyyksien vaikututusta tutkittiin iteratiivisella analyysillä FEM-
analyysin avulla. Case- tutkimuksessa saadut tulokset antavat tietoa miten eri raken-
neosien jäykkyysominaisuudet 30-kerroksisessa kehäjäykistetyssä rakennuksessa vai-
kuttavat rakenteen toimintaan suomen olosuhteissa. Se antaa myös kuvan siitä miten
kehäjäykistetyn rakennuksen rakennusosat voidaan optimoida. Työssä otetaan myös
kantaa siihen mitkä ovat kehäjäykistetyn rakenteen käytännön haasteet.

Teräsliitoksien luotettavuus keskustellaan ja se tosiasia että pultattujen teräsliitoksien
jäykkyys on vaikea arvioida, mikä aiheuttaa vaikeuksia kehärakenteissä, missä pilari-
palkkiliitoksien jäykkyys on tärkeä. Hitsattujen liitosten jäykkyyden arviointi on luo-
tettavalla pohjalla. Pultattujen liitosten kohdalla todellisen jäykkyyden arviointi on
haasteellista monen eri muuttujan vuoksi. Lisäksi pultattujen liitosten jäykkyyden ar-
viointi perustuu osittain kokeista saataviin arvoihin.
Asiasanat: Kehäjäykistys, korkea, rakennus, vaakajäykistys
Kieli: Englanti
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En ramförstyvad byggnad består av pelare och balkar som är momentstyvt fästa i
varandra. Ramförstyvade byggnader har i allmänhet en ekonomisk höjd på runt 25
våningar. Lateral utböjning i byggnaden på grund av skjuvkrafter är den vanligas-
te begränsande faktorn i höga byggnader med ramförstyvning. I och med att en
ramförstyvad byggnad bara har pelare i planet finns det möjlighet att placera öppningar,
väggar och fönster relativt fritt. När det kommer till höga byggnader är enbart
ramförstyvning ett ovanligt byggnadssystem, men många höga byggnader använder
ramförstyvning som tilläggsförstyvning tillsammans med ett annat förstyvningssystem
för ökad robusthet i byggnaden.

En litteraturstudie i höga byggnaders förstyvning utförs i detta examensarbete. I studi-
en jämförs olika förstyvningssystem. Olika former av ramförstyvning behandlas också
via exempel.

En fallstudie som behandlar ett 30-våningshus med endast ramkonstruktion som
förstyvning utförs i detta examensarbete. Byggnadens pelares och balkars egenska-
per ändrades och krav på vilka egenskaper som krävs för att uppfylla olika bruk-
gränstillstånd under finska förhållanden undersöktes. Mest fokus sätts vid att stude-
ra byggnadens totala nedböjning och stabilitet. Inverkan av minskad fogstyvhet un-
dersöks också i fallstudien, samt inverkan av minskad axialstyvhet hos pelare.

Resultatet i fallstudien ger information om vilken minimistyvhet som krävs hos pelare
och balkar för att fullfölja krav som sätts på höga byggnader i finska förhållanden.
Fallstudien visade också på en del utmaningar som finns vid design av en byggnad
med endast ramförstyvning.

I studien diskuterades också pelar-balkfogar i stål. Problematiken med bultade fo-
gars momentstyvhets pålitlighet togs upp, samt det faktum att de flesta bultade pelar-
balkfogars mekaniska egenskaper långt grundar sig på experimentell data. Detta har
stor betydelse för ramförstyvade byggnader i och med att infästningarnas styvhet är
direkt kopplad till byggnadens stabilitet.

Nyckelord: Ramförstyvning, höghus, uppstyvning
Språk: Engelska
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Abbreviations and Acronyms

1WTC One World Trade Center building in New York
AM Aeroelastic model in wind tunnel engineering
BIM Building Information Model
CBF Concentric Braced Frames
CTBUH Council on Tall Buildings and Urban Habitat
EBF Eccentic Braced Frames
FEM Finite Element Method
H-FBBM Rigid high-frequency balance model in wind tunnel engineering
MDOF Multiple degree of freedom dynamic system
MEP Mechanical, electrical and plumbing
RC Reinforced concrete
RM Rigid pressure model in wind tunnel engineering
SDOF Single degree of freedom dynamic system
WTC World Trade Center building in New York



Symbols
Latin Upper case letters

B2 Background factor for wind turbulence
D Diameter of the building [m]
E Elastic modulus
EAc Axial stiffness of columns [MN ]
EIc Bending stiffness of columns [MNm2]
EIb Bending stiffness of beams [MNm2]
HEd Total design horizontal reaction at the bottom
Iv Turbulence intensity
Kc Mean value for stiffness per length of columns at top story (Ic/Lc)
Kb Mean value for stiffness per length of beams at top story (Ib/Lb)
Lc Story height
Lb Length of beams
Lt Reference length scale for wind turbulence
Mj Moment acting on joint
R2 Resonance response factor for wind turbulence
S Strouhal number, dimensionless
Sj,ini The initial rotational stiffness of a joint
VEd Total vertical design load at the bottom of the story

Latin lower case letters

b Reference width of the cross section where vortex shedding occurs
cdir The directional factor for the wind.
c0 Orography factor for wind
cr The roughness factor for wind
cseason Season factor for the wind
cf Force coefficient
fI Inertial force
fC Damping force
k Structural stiffness matrix
kb Stiffness factor depending on frame bracing
kp Peak factor for wind turbulence
m Structural mass matrix
m1,x Along wind fundamental equivalent mass
ni,y Natural frequency of the for cross wind considered flexural mode i.
fC(t) Damping force in a dynamic system
fS(t) Elastic force in a dynamic system
p(t) External force in a dynamic system
fI(t) Inertial force in a dynamic system
v Horizontal movement vector of node
v̂ Constant representing the shape of a dynamic system



vb Basic wind velocity.
vb,0 Fundamental value for the basic wind velocity
vcrit,i Critical wind velocity for mode i
vm Characteristic 10 minutes mean vind velocity
y Lateral drift
zt Reference height for wind turbulence

Greek upper case letters

Φ Rotation in joints
Θ Phase angle

Greek lower case letters

αcr Factor in second order analysis. Elastic instability in a global mode is caused when
design loads are increased by this factor.

δa Logarithmic decrement of aerodynamic damping
δd Logarithmic decrement of special-device induced damping
δH.Ed Vertical displacement at the top of the storey
δs Logarithmic decrement of structural damping
ω Natural frequency
φn Natural mode of vibration
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1. Introduction

1.1 Background
The rigid frame building system provides numerous architectural advantages. Since the gen-
eral construction plane in the building only includes columns, the architect is free to place
walls and windows wherever desired. There is no need for elevator shafts or shear walls
anywhere in the plane, the lateral stiffness is provided by beams and columns alone [39].
Another benefit with using the rigid frame as means of stability is the fact that it is stable
during the construction phase of the building. The lateral stiffness providing element is in
the beams and columns themselves, and both can be erected in most cases without the need
to brace them during construction.

Figure 1.1 shows the foot of Lever house, a landmark-status bearing building located
on Manhattan. Built when rules of zoning were in affect, the building had to cover only a
quarter of the lot. This is the key reason to why a rigid frame was used as primary lateral
stiffness provider in the building.

Figure 1.1: Lever house street level. Moment frame in the building provdes free space with
only columns in street level [5].
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1.2. OBJECTIVE

Robustness can be added to a building through use of a rigid frame. The continuity in the
frame provides stability in accidental situations, where load redistribution can be performed
by the interconnected members to avoid progressive collapse. After the collapse of World
Trade Center twin towers, significant development of a “building system for the future” was
conducted. The result is shown in the building system of the One World Trade center, where
a rigid frame was added to a concrete core for increased robustness and as prevention of
progressive collapse [29] .

In most tall rigid frame buildings, the depth and thereby stiffness of members in a rigid
frame building are determined by stiffness rather than ultimate strength.

The most common challenge in using rigid frame building system is controlling lateral
drift. Additionally, the reliability of rigid beam-column joints is hard to verify in the building
system. In steel buildings, the rotational stiffness of a bolted joint relies mostly on empirical
studies and experimental data rather than analytical results.

Most tall buildings in Finland include some other kind of lateral stiffness providing sys-
tem than a rigid frame. Precast concrete buildings, a common type of building in Finland,
have joints that are non-rigid by definition. Cast-in-place building frames can be cast contin-
uously and therefore naturally be used as rigid frames.

When it comes to steel frames, welding provide a rigid joint between columns and beams
in most cases. A bolted joint can also be made moment resisting but the rotational stiffness
of the steel bolted joint is hard to analyze and the behaviour of the joint needs to be mapped
in order to determine whether the joint can be applied.

1.2 Objective
The objective for this thesis is to study the performance of rigid frame building system in tall
buildings. The main research task is to answer the questions:

• What member properties of beams and columns are required for a 30-story rigid frame
building to remain stable under lateral load.

• What general mechanical properties does the rigid frame building possess and how
are these properties changed when altering member properties and joint fixity between
beams and columns

A case study including a 30 story rigid frame building is included in this thesis. FEM-
models with different member properties are created and analyzed. Member properties
needed to fulfill most common serviceability requirements and overall stability in ultimate
limit state is analyzed in the case study. Mechanically, the building has the following prop-
erties:

• EIb, bending stiffness of beams

• EIc, bending stiffness of columns

• EAc, axial stiffness of columns

• MPz , degree of joint fixity between columns and beams

These properties are changed one at the time, to see which impact the individual properties
have on the system. All results were plotted as a function of both EIc and EIb as contour-
plots to illustrate the interaction between columns and beams.
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2. Rigid frame structural system
The main purpose of the structural system is to provide a feasible way to carry vertical and
lateral loads. The type of structural system is chosen according to its architectural character-
istics, loading, purpose and structural characteristics.

Rigid frame building system is generally used for buildings comprising up to 25 stories.
As seen in figure 2.1, taller buildings generally contain other building systems [39].

Figure 2.1: The economical height for different types of framework in steel construction [39,
Fig. 3.1.].

The uniqueness of the rigid frame building system lies in its lateral load resistance. Both
beams and columns participate in transferring the load to the foundation. This also makes
the rigid frame system challenging to analyze. Because beams also participate in the lateral
stiffness, they need to be designed for lateral stability along with their ability to carry vertical
loads. Because of the lack of bracing structural elements in the building plane, the rigid frame
delivers open plane solutions with architectural flexibility in placement of windows and other
surface elements.

The braced frame building system includes bracing members, diagonals, aside from
columns and beams. Steel is almost exclusively used for braced frame buildings because
of the tensile forces that arise in the bracing members. The system is very efficient requir-
ing little material to provide lateral stiffness in the structure. As opposed to the rigid frame
building system, the girders in the structure do not provide any lateral stiffness. This makes
it easier to calculate the forces in them and the same dimensions and lengths of the girders
can be used throughout the building. [36].

One way to include both the advantages from a rigid frame and a tubular structure is to
create a framed-tube structure. The framed tube structural system comprise a tube, created

3



2.1. BUILDINGS COMPRISING RIGID FRAME

from columns and beams placed close to each other. The beam column joints are moment
resistant. Because of the geometry and the placing of the columns, the building can be
analytically calculated as a tubular structure.

The shear wall system comprise shear walls that cantilever the lateral loads from the
foundation. These walls can be coupled to achieve maximum frame action Generally these
walls are grouped around elevator shafts in the building. [21]

Postmodern buildings can be non-prismatic and comprise several building systems at
once. Historically this hybrid structural system has been hard to calculate because of its
irregularity, but with the computing power of today any type of structural system can be
analyzed. [36].

2.1 Buildings comprising rigid frame
There are many different ways to utilize the rigid frame principle in tall buildings, as can be
seen in table 2.1.

4



2.1. BUILDINGS COMPRISING RIGID FRAME

Building Height Frame mate-
rial Framework

Tokyo Marine Building
[21](Osaka, Japan)

118 m Steel
Moment frame with framed
columns

Lever building (New York,
N.Y)

94 m Steel Moment frame

Sanwa Bank [21](Tokyo,
Japan) demolished

99,7 m Steel
Rigid frames and eccentric
K bracing in combination

Kobe Portopia Hotel
(Kobe, Japan) [21]

112 m
Steel, con-
crete encased
steel

Moment frame and braced
frame

Marriott Marquis Hotel
(New York, N.Y)

175 m Steel Braced and rigid frames

World Trade Center 1 [26]
(New York, NY) Destroyed

417 m
Steel, con-
crete

Framed tube

One World Trade Center
[29] (New York, NY)

417 m
Steel, con-
crete

Moment resisting frame
with concrete core

Miglin-Beitler tower [40]
(Chicago, Illinois)

453 m
Steel, con-
crete

Exterior Vierendeel trusses,
core and fin columns

Palestra [2, 3](London,
England)

12
stories

Steel Rigid frame

Table 2.1: Buildings comprising rigid frames.

2.1.1 Tokyo Marine Building

The Tokyo Marine Building, located in Osaka, Japan is a 27 story office building with a
height of 118 meters. The building was completed in 1990 and the structural and archi-
tectural design was carried out by Kajima Design. The building comprises a rigid frame
building system made from structural steel. The key idea behind the frame was to make the
floor plan as open as possible. Here the design allowed for a column free floor plan by using
long span (21 m) beams throughout the width of the building and by creating 3 dimensional
frames that work as columns. These framed columns are illustrated in figure 2.2. Since these
columns and most of the frame is outside the main building envelope, the design fire inten-
sity is lower than for a building where the frame is inside the buildings envelope. For this
reason, no additional fire protection was needed on the steel frame elements. In principle,
this building contains only rigid frame elements.[21, p. 101].
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2.1. BUILDINGS COMPRISING RIGID FRAME

Figure 2.2: The frame of Tokyo Marine Building. Note the framed columns located outside
of the building [21, fig. 4.38].

2.1.2 Lever house

Lever house is a 24 story rigid frame building located in midtown, Manhattan. The building
was completed 1952. Figure 2.3 shows the elevation of the building. A rigid steel frame
provides the lateral stiffness for the Lever house building.

The rigid frame system in this building serves the purpose of allowing for space inside
the buildings envelope, and provides open public space on the lot [5]. The zoning code at the
time of construction allowed for tall buildings without setbacks, provided that the building
only occupies a quarter of the plot. The free space of the plot is visible in figure 1.1 [6].
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2.1. BUILDINGS COMPRISING RIGID FRAME

Figure 2.3: Lever house, lower Manhattan [5].

2.1.3 Sanwa Bank

Trusses can be included in rigid frame systems in buildings to compose a frame-truss in-
teracting system . This system can raise the economical limit of stories for the building to
around 40. The lateral deflection of this system compared to core truss system and only rigid
frame system can be seen in figure 2.4[21].

The Sanwa Bank building; located in Tokyo, Japan; was completed in 1973 by architect
and designer Nikken Sekkei Ltd and comprises a combination of rigid frame and eccentric
K-braced frame building system. These building systems together provide a frame-truss
interacting system [21, p. 60].

The braced frames can be divided into two groups based on their ductility, concentric
braced frames (CBF) and eccentric braced frames (EBF). In CBF, the member axes all in-
tersect at a common point, resulting in only tension and compression in the members. In
EBF, the member axes do not intersect in that way. This results in moment in the elements
as well as tension and compression. The EBF system prevents brace buckling by limiting
large forces from entering the braces. The eccentric part of this brace is called the link. [39,
p. 269-275].

The addition of eccentric K-braced frames in the building provided yielding at center
of the beams instead of in the columns when subjected to yield design loads. This ensured
ductility in the building [21, p. 61]. The floor plan of Sanwa Bank can be seen in figure 2.5.
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2.1. BUILDINGS COMPRISING RIGID FRAME

Figure 2.4: Deflection and shear per story in a frame-truss interacting system [21, Fig. 4.7].

Figure 2.5: Floor plan of Sanwa Bank [21, fig. 4.9].

8
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Figure 2.6: Sanwa bank, Tokyo [42, fig. F.14].
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2.1. BUILDINGS COMPRISING RIGID FRAME

2.1.4 World Trade Center

The World Trade Center (WTC) towers were the first towers to be designed using the framed
tube building system. The goal for the design here was, as with the Tokyo Marine Building,
an open-plan office space that does not contain columns or shear walls One major design
force for the lateral stability was the wind load from hurricane force winds. Because of
the possible occurrence of winds with that magnitude, extensive studies on models in wind
tunnel was carried out. The building was also designed for the lateral load resulting from
the impact of a Boeing 707 or DC 8 aircraft, flying at a speed of 268 m

s
. The load bearing

structures of the WTC towers are annotated in figure 2.7. [26]. The building comprises 4

Figure 2.7: External framed tube in World Trade Center building [26, fig. 4].

subsystems:

• Exterior wall. This system consists of 236 narrow columns, 59 per face. The distance
between the columns measured not more than 0.66 meters. The columns were inter-
connected by steel plates with thicknesses ranging from 6mm on upper floors to 76mm
on lower floors.

• Core, central service area measuring 41 by 26.5 meters. This area contained 47 con-
crete columns, including 4 massive corner columns. The columns were interconnected
by steel beams.

• Floor system. The floor system transferred lateral loads from the exterior column
system to the internal core and supported gravity loads. Lightweight concrete cast on
a fluted steel deck formed the floor surface. This structure was additionally carried by
steel trusses.

• Hat truss. This structural subsystem was located at the 107:th floor and includes a set
of steel braces. The hat truss was connected to the core and perimeter columns.

10



2.1. BUILDINGS COMPRISING RIGID FRAME

These subsystems formed the lateral force resistance for the towers [26].
The framed tube in the building behaves the same way as a perforated hollow tube would.

Approximation of the member forces in a framed tube system can be carried out through
modeling the frame as two channels, as seen in figure 2.8. Flanges in the channels are often
limited to 15-20 % of the buildings total width [38].

Figure 2.8: Decomposition of a framed tube into two separate channels [38, fig. 10.12].

As opposed to a rectangular rigid frame, as exemplified in the case study, lateral load on
a framed tube results in compression and tension in the columns more than bending in the
beams. This phenomenon is refered to as tube action [26].

2.1.5 One World Trade Center

One World Trade Center (1WTC) is currently the third tallest building in the world, rising to
an height of 541 meters including its spire. The building, along with three buildings next to
it, were built as a part of the Ground Zero reconstruction master plan. Comprising 71 levels
of office space and eight levels of MEP (mechanical, electric and plumbing)-space, the tower
also comprise a 15 meter high lobby and a two level observation deck. [29].

The tower part of 1WTC comprise a hybrid system consisting of concrete core with an
exterior rigid steel frame. The rigid frame forms a tube around the perimeter of the building.
For additional lateral load resistance, the concrete core at the upper mechanical levels is
connected to the external frame by several multilevel outrigger trusses in both orthogonal
directions. The thickness of the core concrete wall varies along the building height, reaching
over 1.2 meters in the base of the tower structure. A building information model (BIM) of
the tower structure is depicted in figure 2.9(a) [29].

The axial shortening in the building and differences in material properties over time adds
design challenges to most hybrid systems. 1WTC was designed in such a way that it would
be possible for the contractor to adjust the elevations of steel columns and concrete core
walls to compensate the axial shortening in both parts [29].

The wall geometry, composed from vertical triangles, provide an aerodynamic profile
with a reduced wind area. Wind load resistance is the common design criteria in designing
tall buildings in New York City [29].
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2.1. BUILDINGS COMPRISING RIGID FRAME

Because of the fate of the predecessor of 1WTC, the WTC twin towers, safety has been
an important design criteria in the design of 1WTC. The rigid frame has played a key role
in achieving this. Aside from the freedom from bracing structures, the rigid frame provides
rigidity and robustness to the building. The columns in the rigid steel frame are connected
to the beams with a combination of welding and bolting. Because of the continuity in the
column-beam joints the interior spans can be made column free, which provides additional
flexibility in the interior design. Enhanced fireproofing is applied to the steel frame [23].
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2.1. BUILDINGS COMPRISING RIGID FRAME

(a) BIM-model of the frame of
One World Trade Center, illus-
trating both the external rigid
frame and the internal concrete
core [29].

(b) View of 1WTC from ground level.

Figure 2.9
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2.1. BUILDINGS COMPRISING RIGID FRAME

2.1.6 Palestra building

Figure 2.10: palestra building[3].

the Palestra building, completed in 2006, is known for its sustainability. 14 micro wind
turbines located at roof level provide 10 % of the required operational energy of the building.
the building was constructed to appeal the high end of the London office market [4]. rigid
frame building system has been employed in the building. The frame comprises continuous
cellular steel beams attached in pairs to the tubular columns. The beams are made cellular to
accommodate future needs in servicing[3].
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2.2. MECHANICAL BEHAVIOUR

Figure 2.11: Palestra building. The beams arranged as pairs create a rigid connection with
the columns. This technique allows for open floor spaces without bracing while keeping the
beam height to a minimum. Note the cellular beams applied for future service needs[1].

2.2 Mechanical behaviour
The rigid frame construction system incorporates columns and beams that are rigidly, or at
least semi-rigidly, connected to one another. The joint between them are made moment re-
sistant, meaning the moment is transferred from columns to beams This feature, called the
rigid frame action, provides the lateral force resistance in the building system. When design-
ing buildings, especially tall buildings, this action plays the greatest role in determining the
height and other dimensions of the columns and girders [36].

In figure 2.12, the response to lateral force is illustrated along with the deflection char-
acteristics of the system. As seen there, the lateral force on the building creates flexure in
the members. This flexure is transferred between columns and beams by the rigidity of the
column-beam joints. Ultimately, the force is transferred to the ground. The continuity in the
joints usually make the sagging moment due to gravity loads in the girders smaller than if the
girders were simply supported. However, the pattern of the life load needs more considera-
tion than in the simply supported alternative. This because all joints transfer moments and
this can lead to large hogging moments at the supports. Because of the high robustness of a
rigid frame, accurate analysis on the structure can be done after after the member properties
have been assigned. [36].

The deflection characteristics for rigid frame construction system consist of 2 main com-
ponents, cantilever bending and frame racking. Cantilever bending usually represent 10-15%
of the total lateral displacement. Frame racking forms the main component of deflection and
accounts for 70% of the total deflection in a rigid frame. These deflection types are illus-
trated in fig 2.12. The story drift, the lateral displacement of a floor compared to the floor
below, is greatly affected by the frame racking deflection component. A limit from l

400 to l
500

15



2.3. VERTICAL LOAD RESISTANCE

is usually set for rigid frame buildings, and this is generally the limiting factor in tall rigid
frame buildings [39].

Figure 2.12: The main deflection components on rigid frames. Here (a) represent the forces
and deformations caused by external overturning and (b) represent forces and deformations
caused by external shear [39, Fig. 3.4].

2.3 Vertical load resistance
The pattern of the vertical live load plays a more important part in a rigid frame than in a
simple connected frame. The continuity of the girders over its spans make the maximum
moment in them very sensitive to different patterns of vertical loading. This effect provide
additional design challenges in the building. Examples on this effect is illustrated in fig 2.13.
There pattern (a) provides maximum positive moment at bays AB and CD while providing
maximum negative moment at point A. The (b)-labeled pattern however provide maximum
negative moment at point B. [36]
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Figure 2.13: Example of different vertical load patterns on the girders [36, fig. 7.3].

2.4 Stability
The rigid joints in a rigid frame provide the need for special consideration. Because of them,
no individual compression member can fail independently from the members connected to
it. For this reason the rigid frame needs to be analysed both as an entire structure as well as
a combination of single members to acquire the stability of the building. [43].

The critical load for a simple one-bay one-story frame and structures of similar complex-
ity can be calculated by solving the systems characteristic differential equation, solving slope
deflection equations (for frames with more degrees of freedom) or by matrix analysis. These
methods, however, can prove to be difficult if even possible to solve when the structure at
hand is a multistory multi-bay rigid frame. [43].

FEM-programs, like the one used in the case study of this thesis, can solve the stabil-
ity problem of a frame with larger dimensions. Staad.PRO can perform a buckling analysis
which calculates the overall Euler buckling of a frame. In such buckling analysis the follow-
ing analysis steps are performed:

1. Primary deflections are calculated by linear static analysis

2. Deflectins are used to calculate member axial forces, similarly to the procedure with a
P-∆ - analysis.

3. Member stresses are used to calculate geometric stiffness terms.

4. Kg-stiffness matrix is created from the geometric stiffness terms

5. The eigenvalue-problem for the stiffness matrix is formed as follows

| [K]−BFi [Kg] | = 0

2.4.1 Second order analysis

This thesis focuses on the second order effects that occur when movement, based on elastic
theory increase the loading on the elements. Tall building frames experience both local
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Figure 2.14: Variables for second order analysis in rigid frame building [32, fig. 5.1].

second order effects, affecting the elements of the building) and global second order effects
(affecting the entire building as one unit).

Since the rigid frame provides its own stability system and is a sway frame, second order
analysis is required by Eurocode in building design. The difference in deflection of a 30
story rigid frame in direct analysis and second order analysis is illustrated in section 5.3.3.

The sensitivity of the second-order effects in a multi-storey rigid frame depends on the
stiffness of the beams and columns, and also on the stiffness of the joints. This means
that if the joints are assumed to be rigid, the joint details have to fulfill that assumption in
calculating the αcr [8].

For some small frames, second order effects can be evaluated using αcr, without the need
of full second order analysis. αcr can be expressed the following way for every floor [32, eq:
5.2]:

αcr =
(
HEd

VEd

)(
h

δH.Ed

)
(2.1)

where:
acr Factor, by which an increase in loading lead to buckling in the structure
HEd Total design horizontal reaction at the bottom
VEd Total vertical design load at the bottom of the storey
δH.Ed Vertical displacement at the top of the storey

The variables in 2.1 are illustrated in figure 2.14.
Equation 2.1 is applicable only if the conditions stated in [32, eq: 5.1] on the elements

connected in the frame:

αcr =
Fcr

FEd
≥ 10, for elastic analysis

αcr =
Fcr

FEd
≥ 15, for plastic analysis

(2.2)

Additionally the axial compression of the beams or rafters in the building need to be
insignificant. Because axial load is significantly larger in tall buildings, the requirements
given in 2.2, are rarely fulfilled in 30-story buildings. This makes complete second order
analysis needed for tall building design.
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2.5. JOINTS IN CONTINUOUS FRAMES

First order analysis takes into account only the undeformed state of the building. The sec-
ond order analysis is carried out on the deformed state of the structure, including deflections
and other movement therein [18].

2.4.2 P-∆ analysis

The second order effects of an entire building can prove troublesome to obtain, especially
if it comprises assymetric geometry and non-prismatic design. For these cases, the P∆-
anaysis provide a useful tool in approximating the second order effects of the structure.
When the structure, modeled as a column in figure 2.15, is subjected to both vertical load
and horizontal load (V) it undergoes drift in the horizontal direction. This results in an
eccentricity of the vertical load which creates an additional bending moment on the structure.
This additional moment in turn increases the lateral displacement on top of the structure and
the cycle is repeated. Through repetition of these cycles lateral displacement is accumulated
in the structure, see ∆1 and ∆2 in figure 2.15 [17].

Figure 2.15: Illustration of the P-∆ effect [17, fig. 7-5].

Another way of approximating the second order effects is to apply effective length factors
to the elements, this acting on the element level of the structure. [17].

2.5 Joints in continuous frames
In order to acquire stiffness from frames, moment forces need to be transferred from the
columns to the beams in the frame. This interaction requires the column-beam joints to be
rigid or at least semirigid. This requirement can be fulfilled in different ways for different
frame materials and geometry.
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2.5.1 Rotational stiffness in joints

Joints can be classified by their stiffness and by their strength [33, §5.2.1 (2)]. The code [33]
recognises 3 types of joints, when classified by stiffness:

• Nominally pinned joints

• Rigid joints

• Semi-rigid joints

Figure 2.16: Joint stiffness classification according to [33].

The behaviour of these joints is visualized in fig 2.16. There are 3 zones in the Φ−Mj graph.
Zone 1 represent the rigid joint. The rigid joint fulfills equation 2.3. There kb = 8 for frames
with bracing system that reduces horizontal displacement by at least 80 %, and kb = 25 for
other frames. In other frames, the relation between beam and colum stiffnes Kb/Kc ≥ 0.1
should satisfy.

Sj,ini ≥ kb
EIb
Lb

(2.3)

where:
Ib is the second moment of area of beam
Ic is the second moment of area of column
Lb is the span length of beam
Lc is the storey height of column

Zone 3 represent nominally pinned joints. These joints should satisfy equation 2.4.

Sj,ini ≤ 0, 5EIb
Lb

(2.4)

Zone 2 represent semi-rigid joints. These joints are basically joints that don’t fulfill the
requirements for either rigid or nominally pinned joints. When the Kb/Kc-ratio is less than
0,1 in a frame, the joints in that frame shall be classified as semi-rigid [33, 5.2.2.5 (1)].

The eurocode method for joint design is based on the method of components [28, p.
363]. This is a convenient design method especially for designing joints between I-beams.
The method states that the resistance of a joint is determined based on its basic components,
its connection parts. [33, 2.4 (1)].
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2.5.2 Semi-rigid joints

Semi-rigid joints are inter-element joints that are neither nominally pinned nor nominally
fixed. In practice, most steel construction joints are semi-rigid.

The deflection of semi-rigid frames can be modeled using 2 nondimensional parameters.
The first parameter needed for analysis is the beam to column stiffness ratio, solved for in
equation 2.5.

ζ = EIb/L

EIc/h
(2.5)

The same parameter can be used when analyzing the behaviour of a rigid frame. The de-
flection of a semi-rigid frame is not only formed through bending of columns and beams,
but also from the rotation of joints. A parameter describing the nondimensional rotational
stiffness for a joint is given in equation 2.6 [16].

K = KθL

EIb
(2.6)

Figure 2.17: Simplified model of the global behaviour of unbraced frame with semi-rigid
joints between columns and beams [16, fig. 1.5].

The influence of the joint rotational stiffness on the period of vibration in a semi rigid
frame compared to the period of vibration in a rigid frame can be evaluated through equation
2.7.

Tk
T∞

=
(
Kl∞

Klk

) 1
2

(2.7)

where
Tk is the period of vibration for the semirigid frame
T∞ is the period of vibration for the rigid frame
Klk is the lateral stiffness of the semirigid frame
Kl∞ is the lateral stiffness of the rigid frame
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Figure 2.18: Joint modeling in structural analysis. The semicontinuous model illustrates the
mechanics of a semi-rigid connection [16, fig. 1.2].

In designing rigid frames, the joints are often assumed to be semi-rigid by creating the
joints as rotational springs [16].

FE-models can prove efficient in analyzing the rotational stiffness properties. Figure 2.19
shows a FE-model of a bolted top angle joint in steel. The rotational stiffness of the joint
in the figure is analyzed in ANSYS fem-sofware in a study ([12]), with the result plotted
in figure 2.20. Result from the FE-model is compared to experimental testing of the joint
at hand as well as empirical results. The results in figure 2.20 are correlated in this case.
The study concluded that the FE-approach can be applied in analysis of steel joint rotationa
behaviour under moment load [12].

Figure 2.19: FE-model of a bolted joint connection in ANSYS software [12, fig. 5].
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Figure 2.20: Rotational stiffness of bolted joint connection displayed in figure 2.20 [12, fig.
8].

2.5.3 Moment resistant steel joints

Moment resisting steel joints are generally more expensive to fabricate than simple joints in
steel construction. This because they often require more welding, which can be an expensive
process. These joints often have more material costs in bolts and other connection parts, but
this is not usually considered to be significant compared to the cost of the entire project [8].

Common field connections in steel are illustrated in Fig. 2.21. Rigidly constructed
welded connections, non-slip bolted connections and heavy bolted end plates are usually
used in this type of construction [18, p. 201].

Bolted connections, requiring less effort in assembly stage than field welded connections,
are generally preferred in high rise steel construction. Bolted moment connections between
wide-flange steel profiles can be seen in figure 2.21. However, when designing a building
similar to the one in section 5 that relies on frame action as means for lateral stiffness in all
directions, one needs bending stiffness in both strong and weak axis of the columns. Hollow
tubular steel sections can provide stiffness in such applications. Bolted moment connections
between hollow tubular steel columns and wide flange beams are less common in practice.

Blind bolts can be used between the beams and columns through an endplate, as shown
in figure 2.22. The blind bolts in the figure can be provided by Ajax ONESIDE for ex-
ample. In the case presented in the picture the endplate fully yields before a failure of the
blind bolt can occur. Ultimate limit design can be carried out for such a connection. How-
ever, determination of rotational stiffness of an extended endplate blind bolted connection
relies on experimental tests providig moment-rotational relationships between elements in
the connection [22, sec. 2.4.2]

Currently, the only way to determine the stiffness of an extended endplate blind bolted
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Figure 2.21: Common field connections in steel. (a) to (d) are bolted connections and (e)
to (g) are welded on site. For rigid framework connections (d) to (g) are recommended to
maintain original angles between members during loading [18, fig. 8.1].

connection is via experimental tests to determine the moment-rotation relationship of the
connection. In a study [9] Ghobarah et al succeeded in developing a moment-rotation rela-
tionship for the extended endplate connection based on a four parameter exponential model.
However finite element analysis is required to determine some of the parameters for the an-
alytical model. Design charts and tables included in the study based on the conducted finite
element analyses only cover a small range of SHS sizes and may not be robust enough for
the different sizes of hollow section adopted in a design practice[9].

The method for obtaining the initial joint stiffness Sj,ini explained in [33, sec. 5.2.2] only
applies to joints between H or I sections, and thus does not include joints between elements
with rectangular hollow sections.

2.5.4 Seismic performance of moment resistant steel joints

Studies like [27] divide welded moment resistant joints in steel as pre- or post- northridge.
This division refers to the types of welded steel joints used in buildings that did experience
damage in the 1994 Northridge earthquake. The damage to moment frame steel buildings
usually occured in welded connections between wide-flanged beams and columns. The fail-
ure of these connections were often of a brittle character, as in the case illustrated in figure
2.23. Joints including full-penetration field welding in top and bottom flange of the beam
were found to develop large inelastic rotations under seismic loading.

One way to improve the safety of steel joints under seismic loading is to design the beams
connected so that plastic hinges form in the beams rather than in the joints [39].
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Figure 2.22: Moment connection between I-beam and RHS-profile using blind bolted ex-
tended endplate [22, fig. 2.14].

Figure 2.23: Example of a steel connection damaged through brittle failure of welding [27,
fig. 1].
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(a) Flange connection, unequal depth
beams.

(b) Flange connection, equal depth beams.

(c) Web connection, unequal depth beams. (d) Web connection, equal depth beams.

Figure 2.24: Pre-northridge rigid steel connections [39, fig. 3.3].
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2.6 Continuum model of rigid frame structures
The rigid frame building system is often more complicated to analyze analytically than other
building system because of the fact that the same elements that provide vertical load resis-
tance also provide the lateral stiffness of the building. In order to approximate the lateral
deflection and story drift of the structure, reduction of the frame can be done to acquire a
mathematical model easier to analyze than the structure itself.

The continuum method was developed to be an approximate method of calculating the
drift in the rigid frame. It involves reducing the frame to a cantilever beam with loads ap-
plied to it. The load applied to the column represent the frame action. This method is
recommended for use with rigid frame structures rising to at least 4 stories. The beams are
also assumed to be of sufficient amount to form a continuous connecting medium between
the columns [19].

The method is exact when the structure to be analyzed is symmetrical, and thereby having
the contraflexure point in the center of the beam. Additionally the amount of beams in the
frame need to be sufficient to provide a continuous connecting medium between the columns
[19].

With a continuum model of the structure, a basic understanding in the displacements,
deformations and internal bar forces of the structure. This can be of good service in the first
stages of the design process. [20]

Formulas and reduction steps for this method is listed in appendix C. The basic steps
carried out in the continuum reduction method [19, 2,1] are visualized in figure 2.25.

Figure 2.25: The continuum model of a one-bay framework with steps a) to d) [19, fig. 2.2].

Step b) in figure 2.25 includes cutting the beams in the frame in their contraflexure points
and applying compensation forces at the location of the cuts with qh-forces, the shear flow
compensation force. Int the next step, step c) in figure 2.25, the beams are removed and com-
pensation forces from their forces are applied to the columns. The columns then experience
normal forces (N ) and moments in the locations of the beams. Ultimately the two columns
in figure 2.25 are replaced with one column, representing the mechanical properties of the
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entire original frame structure [19].
When the beams are cut, the ends of the beams move vertically in relation to each other.

This type of vertical deflection at contraflexure point in the beams can be divided into 3
components; ∆1, ∆2 and ∆3. A visual representation of these deflection components in a
one bay rigid frame example is on display in figure 2.26. The calculation of the ∆-values is
outlined in C.

(a) Vertical displacement due to deflection
of the columns

(b) Vertical displacement due to axial defor-
mation of the columns

(c) Vertical displacement due to bending
moment in the beams

Figure 2.26: Vertical displacement components ∆1 ∆2 and ∆3 at contraflexure points in a
one bay example of continuum method frame reduction[19, fig. 2.3, 2.4].

The continuum model rigid frame reduction method can also be applied to multi-bay
rigid frame structures, as shown in figure 2.27. The beams in the multi-bay example has the
same load configuration and similar contraflexure point locations, where they are cut. The
model, in that stage consisting of a row of columns is then reduced to a single column in the
same way as with the one-bay structure derived in C [19].
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Figure 2.27: Column reduction using continuum method on multi-bay rigid frame structure
[19, fig. 2.5].

2.7 Robustness of the rigid frame system
A buildings systems ability to withstand unforeseen action is referred to as the robustness of
the building.

There are few tools developed for designing rigid frame structure. Several tools are
available for designing braced frames, but the rigid frame offers other difficulties that are
harder to address as a designer. One of these challenges lies in fire dimensioning of rigid
frame structures with composite elements.

Fire design of composite structures can in complicated situations be carried out using the
methods described in [34, section 4.4].

When designing for accidental loads the focus need to be set on the avoidance of pro-
gressive collapse of the building frame. The robustness of the rigid frame can prove useful
in these situations.

A study made by CTBUH investigated a 27 story steel frame building experiencing loss
of columns due to a potential plane crash into the building or an explosion. The building
frame investigated as the target building comprise a moment frame. Columns in the moment
frame are rectangular hollow steel section elements and the beams are built up I-beams,
much like the target building analyzed in this study in chapter 5. The principle on how the
rigid frame redistribute loads in the case of loss of columns in a potential accidental situation
is illustrated in figure 2.28. As seen in the picture, the remaining frame members carry the
now redistributed load, and the building remains stable. The result from loss of columns was
tested both starting from center columns and starting from corner columns, both at bottom
floor and 20:th floor. At bottom floor the frame remained stable after the loss of 6 center
columns, and likewise after loss of 5 corner columns. At the 20:th floor the frame remained
stable after the loss of 8 center columns or the loss of 7 corner columns [25].

A study presented on the 2004 CTBUH Seoul conference by Akira Wada et.al. [10]
presents a method on how to, in an accidental situation, prevent progressive collapse in high
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Figure 2.28: Principle on how the rigid frame can remain stable after loss of columns [25,
fig. 1].

rise steel buildings until evacuation has been completed. The study underlines increasing
connection strength and addition of connections with load-carrying capacity as a possible
measure against progressive collapse. For reasons related to cost-effectiveness, the method
suggests selection of key-elements. Key elements are elements that has to endure a potential
disaster. The loss of a key member is directly linked to a progressive collapse. For instance,
corner columns are usually referred to as key elements. Key members can be protected from
fire by adding blanket-type fire protection to them, or encasing the elements with concrete.
After deciding on the key elements the expendable members, the members that can be lost
in a disaster are chosen. When both the key elements and the expendable elements are
chosen an chain reaction prevention assessment can be carried out. One of the methods
for assessing chain reaction prevention is referred to as the simple method, which includes
checking vertical load redistribution capacity in the frame. The redistribution capacity is
checked with equation 2.8, in which the left hand side symbolizes total sum of axial forces
of columns and the right hand side symbolizes the total sum of shearing force of adjoining
beams [10].

n∑
j=1

<
N∑
i=1

bMpi

L
(2.8)

The condition to fulfill in the equation is visualized in figure 2.29 [10].
Semi-rigid frames are also able to provide some robustness in the case of lost columns.
A study compared the performance of a moment frame and a simple braced frame under

accidental loads and lost columns in different locations in the building. The study showed
that simple braced frames are more likely to progressively collapse than a moment frame
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(a) Step 1: Assessment of redistribution of
2 lost columns

(b) Step 2: Assessment of columns next to
the lost columns ability to redistribute and
carry load

Figure 2.29: The simple method in analyzing progressive collapse visualized [10].

under column loss. Additionally the study proved the corner column being more critical to
lose than a perimeter column, this because the corner columns have less connected members
and thus less ability to redistribute load [30]. The study [30] analyzed 2 different frames
under the situation of lost columns. Both frames, as seen in figure 2.30, include a rigid frame
skeleton, with the difference being that one also includes the composite slab in the building
floors. The study revealed that the model with slab included reduced the frame deflection in
the case with lost columns by 50 % compared to the model with only rigid frame skeleton
included. [30]. This indicates that additional robustness to a rigid frame can be provided
through the use of composite slabs in the intermediate floors.

Figure 2.30: 9-story building frame models analyzed for robustness. (b) FE-model includes
the columns and beams while (b) includes the frame as well as the column composite slab
[25, fig. 15].
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3. Lateral loads

3.1 Wind load

3.1.1 Nature of wind load

The wind velocity varies with height. At ground level, the wind velocity is almost zero. The
velocity increases as the height increases while being in the atmospheric boundary layer.
Above the so called “gradient height”, which is approximately 366m, the surface friction
acting on the wind is nearly non-existent. The wind velocity at this height is referred to as
gradient velocity [39].

The changes of the wind velocity within the atmospheric boundary layer is taken into
account in the Eurocode. An outline of how the wind velocity is determined according to
[35] is outlined in appendix B.

3.1.2 Vortex shedding

When an air current encounters a bluff body, a building for example, it divides into 3 currents.
These currents travel along both sides of the body and over its roof. The original current is
what can be called along wind, it has the same direction as the wind before the body. The
sub-currents travelling along both sides create transverse wind on the sides of the building.
These transverse winds can, depending on their speed and the shape of the building, create
spiral vortices along the sides of the building. These spiral vortices break away from the face
of the building in a process called vortex shedding.
The vortex shedding on the sides of a tall building can create vibration, which in turn can lead
to instability. At low wind speed, around 22.3 to 26.8 m/s, shedding occurs simultaneously in
a symmetric way on both sides of the building and no significant vibration occurs. However,
vibration can occur at higher wind speed due to alternate shedding of vortices. The shedding
then provide alternating impulses creating vibration in the building, as seen in in fig 3.1.
The frequency for this vibration can be calculated by the following formula [39, 1.4]:

f = V · S
D

(3.1)

where
f is the frequency of the vortex shedding [hz]
V is the mean wind speed on top of the building [m

s
]

S is the Strouhal number, dimensionless
D is the diameter of the building [m]

The Strouhal number is determined by the shape of the body. Strouhal numbers for different
shapes is generally obtained by wind tunnel testing.
The vibration of the body can create resonance in the body, increasing the movement in it.
This occurs when the frequency of the vortex shedding approaches the natural frequency of
the body. The natural frequency of the body and the calculation of it is further discussed in
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3.1. WIND LOAD

Figure 3.1: Vortex shedding on rectangular building after critical speed is reached [39, fig.
1.5].

section 4.1. From being controlled by the speed of the wind, the vibration of the body is then
controlled by the natural period of it. [39].

According to [35, E.1.2 (2)], vortex shedding and the effects thereof need to be investi-
gated when the following equation is satisfied:

vcrit,i = 1, 25vm (3.2)

where:
vcrit,i is the critical wind velocity for mode i
vm is the characteristic 10 minutes mean wind velocity defined in section B.1. The crit-

ical wind velocity for each mode is expressed as:

vcrit,i = b · ni,y
S

(3.3)

where:
b is the reference width of the cross section where vortex shedding occurs,

and located where the modal deflection is at maximum for the structure
ni,y is the natural frequency of the for cross wind considered flexural mode i.
S is the Strouhal number.

3.1.3 wind turbulence

The natural wind is gusty and usually turbulent. This turbulence provides a variation in the
force induced by the wind on the surface of the building [37]. This variation creates vibration
in a mechanism called turbulence buffeting. While vortex shedding creates vibration in the
crosswind direction, turbulence buffeting is the dominant cause for vibration in the along-
wind direction [37].

In Eurocode wind turbulence is taken into account by calculating the turbulent length
scale L(z) and calculating the factors cs and cd. The turbulent length scale gives the average
gust size for natural winds. For buildings where the height z is below 200 meters, the length
scale is evaluated using the following expression [35, B.1]:

L(z) = Lt ·
(
z

zt

)α
z ≥ zmin

L(z) = L(zmin) z < zmin

(3.4)
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where:
zt is a reference height with a value of 200 meters
Lt is a reference length scale of 300 meters
α = 0.67 + 0.05 ln (z0) where the roughness length z0 is expressed in meters

The structural factor cscd concerning wind turbulence can be evaluated using the follow-
ing equation [35, eq. 6.1].

cscd = 1 + 2 · kp · Iv(zs)
√
B2 +R2

1 + 7Iv(zs
(3.5)

where:
zs is the reference height for the structural factor. The value is determined

from the geometry of the building
Iv is the turbulence intensity
kp is the peak factor
B2 is the background factor, as expressed in 3.6
R2 is the resonance response factor. This allows for turbulence with the vi-

bration mode.
The background factor is expressed as:

B2 = 1

1 + 0.9 ·
(
b+ h

L (Zs)

)0.63 (3.6)

3.1.4 Wind tunnel testing

Wind tunnel testing is common in tall building design when an accurate wind loading pre-
diction is needed. Many buildings are geometrically complicated and have neighbouring
buildings that affect the wind load on them. The building may also require accurate wind
load predictions because of the choice of cladding. The use of excessive safety factors is
one way to make the building design more reliable, but with increased costs as a downside.
In these situations wind tunnel testing provide local wind patterns, wind loads and wind
induced structural vibration with sufficient accuracy to result in a reliable building design.
[24]

There are 3 basic types of wind tunnel test models

– Rigid pressure model

– Rigid high-frequency balance model

– Aeroelastic model

The rigid pressure model (RM) includes a scaled building prototype of the design, usually
made of Plexiglas. Fluctuating and mean pressure is measured on the surface of the model
over a 60 second time period, corresponding to 1 hour in real time. The main purpose of the
rigid pressure model is to aquire accurate cladding pressures on the building. However, it is
also possible to utilize the RM test to obtain floor by floor shear forces through extrapolation
of the results [39].

The aeroelastic model (AM) includes elasticity in the analysis. AM models can be made
either rigid or flexible. A rigid AM model can be used when the fundamental displacement
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3.1. WIND LOAD

node of the building to be modeled can be approximated by a straight line. A flexible AM
model is generally employed when analyzing buildings with complex structures and setbacks
that don’t have linear fundamental mode shapes. Analysis of the aeroelastic model provides
the magnitude of the dynamic loads of the structure directly without the need to add gust
factors to the design. However, the process can be quite long with a duration of up to 12
weeks [39].

For a dynamic analysis that is less time consuming and not as costly as the aeroelastic
analysis, the high frequency base force balance model (H-FBBM) provides a realistic alter-
native. H-FBBM can be constructed in two ways. The first model comprises the scaled outer
shell of the desired building design mounted on a flexible metal cantilever bar, figure 3.2.
Aerodynamic forces are measured from accelerometers and strain gauges on the model. The
shell in this model is rigid. Wind forces at each floor and expected peak acceleration can
be calculated from data from the gauges and accelerometers. The second model comprises
a lightweight foam prototype of the building mounted on a measuring device, see figure
3.2. The measuring device measures overturning moment and shear forces. An approxi-
mate value for torsional moment in the base can also be derived from the results from the
measuring device [39].

(a) (b)

Figure 3.2: High frequency base force balance model. a) illustrates a flexible support model
a medium rise building [39, fig. 1.27]. b) shows the concept of the five-component force
balance model approach to H-FBBM [39, fig. 1.29].

Generally both an elastic and a rigid model is created when conducting wind tunnel
testing on a tall building surrounded with other tall buildings and the wind load involves
interference effects from other buildings. The analysis of the rigid model provides the dis-
tribution of wind pressure on the cladding of the building. The dynamics of the building is
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analyzed in the elastic model. [24]

3.2 Earthquake load
Earthquakes can be defined as vibrations of the ground surface. There are 3 basic types of
earthquakes:

– tectonic earthquakes

– volcanic earthquakes

– plutonic earthquakes

An earthquake provides body waves and surface waves. The body waves can be divided into
p-waves and s-waves. The p-waves are primary longitudinal waves while the s-waves are
secondary transversal waves. The surface waves can be divided into l-waves and Rayleigh-
waves. [15].
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4. Tall building dynamics
In an earthquake or during wind-induced vibrations the structure is subject to large lateral
deflections. Because of these deflections all non-structural members, even the elevator shafts,
need to be separate from the structural members to protect them from damage This feature
tend to make detailing of these structures challenging [15].

A dynamic load on a structure is characterized by its time dependence, as can be seen in
fig. 4.1. Both wind and earthquake loads should be handled as dynamic loads. The equation

Figure 4.1: Dynamic loading (b) compared to static loading (a) [15, Fig. 2.2].

of motion for a basic dynamic system can be composed from the following parts [14]:

fI(t) + fD(t) + fS(t) = p(t) (4.1)

where;
fI(t) is the inertial force
fC(t) is the damping force
fS(t) is the elastic force
p(t) is the external force.

In preliminary analysis of a building, simplification can provide useful when calculating
the fundamental period and other dynamic properties of the frame. One way to simplify the
structure is to transform it into a lumped mass structure, as seen in figure 4.2. In the lumped
mass idealization all mass (including mass from columns) is vertically located at the beams
of the frame. To acquire dynamic properties of tall buildings, designers generally resort to
FEM-software, where all modes of vibration can be obtained with little effort.
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4.1. FUNDAMENTAL NATURAL FREQUENCY

m1

m2

m3

Figure 4.2: Lumped mass idealization of 3 story frame.

4.1 Fundamental natural frequency
A multistory building is often modeled as a MDOF system when dynamic properties of the
system is to be calculated. By disturbing the system from its initial state in equilibrium by
some initial displacement, free vibration is initialized Free vibration is vibration without any
dynamic excitation. Important parameters of the dynamic behaviour of the structure can be
aquired from studying the free vibration state of the systen. These parameters include the
natural frequencies of the system [13]

Free vibration can occur in a number of ways, and these different ways of vibration all
provide different deflected shapes These deflected shapes of the system are refered to as
modes of natural vibration in dynamic analysis. The number of modes correspond to the
number of degrees of freedom in the system. Every mode of vibration has a corresponding
modal frequency ωm. These frequencies are usually arranged in a frequency vector ω with
all modal frequencies. [14].

ω =



ω1
ω2
ω3
...
ωn


(4.2)

By providing additional parameters on the properties of the structures mass m and stiff-
ness k, the frequencies of a certain mode can be expressed with the following equation[

k− ω2
nm

]
φn = 0 (4.3)

where;
v Horizontal movement vector of node
m Structural mass matrix
k Structural stiffness matrix
0 Zero vector
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4.1. FUNDAMENTAL NATURAL FREQUENCY

Equation 4.3 is called the matrix eigenvalue problem. In that equation the frequency
ωn can be solved as an eigenvalue and the natural vibration mode φn can be solved as the
corresponding eigenvector. The equation forms a set of N homogeneous algebraic equations
of the N number of φ. For the nontrivial solution for the matrix eigenvalue problem, the
determinant of it needs to satisfy the following equation:

det
[
k− ω2

nm
]

= 0 (4.4)

Equation 4.4 is called the frequency equation. From that equation, the natural frequencies ωn
can be solved and thereafter used to solve the corresponding values for φn [13]. For structures
with real, positive definite and symmetric mass and stiffness matrices the frequency equation,
all roots of equation 4.4 will be real and positive [14].

The natural period of vibration Tn and the natural frequency of vibration for mode n can
be expressed with the modal frequency ωn in the following way [13, eq: 10.1.3]:

Tn =
2π
ωn

, and fn =
1
Tn

(4.5)

Non-structural elements like claddings, in-fill walls and partition walls tend to reduce the
natural period of the building. This effect can lead to a change in the seismic stresses of
the structure due to modified intake of seismic energy In regular multistory structure design
the natural period of vibration can be given by observing the stiffness in the girders relative
to the stiffness in the columns. ρ is the beam-to-column stiffness ratio employed for this
purpose. The stiffness ration is formulated in the following way:

ρ =
∑
beamsEIb/Lb∑
columnsEIc/Lc

(4.6)

The value for ρ gives different deflected shapes for the structure, according to 4.3. There no
rotation occurs in the joints, which is the key principle of rigid frame building system [13].
For further simplification a rule based on height and frame material can also be employed
for regular frames. With this simplification a moment resisting reinforced concrete (RC)
frame has a fundamental period of T = 0.075h0.085 and a similar frame made of steel has a
fundamental period of T = 0.085h0.085 . The RC frame has a somewhat shorter fundamental
period because of its stiffness relative to steel frames [15].
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4.2. RESPONSE SPECTRUM ANALYSIS

Figure 4.3: rigid frame deflections. ρ = 0 in a, ρ = 1
8 in b and ρ =∞ in c [13, Fig. 18.1.2] .

4.2 Response spectrum analysis
The response spectrum analysis provide a useful tool in analyzing forces and deformation
in multi-storey buildings in medium intensity ground shaking. Every MDOF structure has
different modes of vibration. The key idea in response spectrum method, also referred to as
mode superposition method, is that the response in each natural mode of vibration can be
computed independently [15]. This principle is illustrated in figure 4.4

v = θY

v1

v2

v3

=

v1 = θ1Y1

v11

v21

v31

+

v2 = θ2Y2

v12

v22

v32

+

v3 = θ3Y3

v13

v23

v33

+ . . .

Figure 4.4: Response of the structure as sum of modal responses. The column represent a
symmetric 3-story frame with a lumped mass idealisation with 3 degrees of freedom.

4.3 Along wind acceleration in Eurocode
In Finnish conditions, where earthquakes are virtually non-existent, wind-induced acceler-
ation remains the most important dynamic factor for building design. Along wind peak
acceleration can be evaluated using rules given in [35]. Standard deviation for characteris-
tic along-wind acceleration for a point at height z in a building can be evaluated from the
following equation [35, B.10].

40



4.3. ALONG WIND ACCELERATION IN EUROCODE

Σa,x(z) = cfρbIv(Zs)V 2
m(Zs)

m1,x
RKxφ1,x(Z) (4.7)

where
cf Is the force coefficient
ρ Is the air density
b Is the width of the structure
Iv(Zs) Is the turbulence intensity at height z = zs
V 2
m(Zs) Is the mean wind velocity for z = zs
zs Is the reference height
m1,x Is the along wind fundamental equivalent mass
R Is the square root of resonant response
Kx Is the non-dimensional coefficient
φ1,x(Z) Is the fundamental along wind modal shape

The characteristic peak value for along wind acceleration can be obtained by multiply-
ing the expression in equation 4.7 with the peak factor, and using the natural frequency as
upcrossing frequency.

Most dynamic properties required for calculating the characteristic peak value for along-
wind acceleration can be obtained from [35, annex F].

The fundamental mode shape φ1,x(Z) can be estimated using the approximation given in
[35, equation F.13].

φi,x(Z) =
(
z

h

)ζ
(4.8)

Where ζ is a variable depending on the building type, whose value is determined as follows
ζ = 0.6 slender frame structures with non load-sharing

walling or cladding
ζ = 1.00 buildings with central core with peripheral

columns or larger columns plus shear bracings
ζ = 1.5 slender cantilever buildings and buildings sup-

ported by central reinforced concrete cores
ζ = 2.0 for towers and chimneys
ζ = 2.3 for lattice steel towers

For a rigid frame building, the value of ζ can be taken as 0.6, as is the value in the case
study of this thesis.

Equivalent mass, noted m1,x in equation 4.7, is defined as follows [35, F.14]:

me =
∫ L

0 m(s)φ2
1(s)ds∫ L

0 φ2
1(s)ds

(4.9)

where m(s) is the building mass per unit length.
Logarithmic decrement of damping is accounted for in the following way in Eurocode

[35, F.15]:

δ = δs + δa + δd (4.10)

where
δs is the decrement of structural damping
δa is the decrement of aerodynamic damping
δd is the decrement of special-device induced damping
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δs is determined by the type of building material, reinforced concrete buildings have a
value δs = 0.10 and steel buildings have a value δs = 0.05 [35, Table F.2]

In cases where the modal deflections are constant, δa can be evaluated using equation
4.11 [35, eq. F.18].

δa = cfρbvm(Zs)
2n1me

(4.11)

δd is affected by added special devices for providing damping in the building. Tuned
mass dampers and sloshing tanks can be applied in order to provide such damping.

Taipei-101 (figure 4.5) is a 508 meter tall skyscraper located in Taipei, China. A tuned
mass damper in the form of a massive system weighing 660 tons has been installed into the
88:th floor of the building. Main reasons behind the mass dampers placement and design
was to improve the dynamic response of the building under wind action and long-distance
seismic excitation.

The functional system of the tuned mass damper is seen in figure 4.6(b). A mass is
contained with 2 pairs of springs (Kx and Ky) as well as dampers (Cx and Cy). The main
function of the mass damper in this case was to change the natural frequency of the building,
and thus improve its performance under wind and remote seismic action [11] .

Figure 4.5: Taipei 101, 508m tall skyscraper [7].
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(a) Picture of the mass damper used in
Taipei-101

(b) Mechanical model of the damper

Figure 4.6: Mass damper system in Taipei-101 - building [11, Figure 4].

43



5. Case study
The analysis of serviceability and stability of a 30-story rigid frame building is included in
this case study.

Drift design, and thereby lateral drift verification of a building is often done using the
overall drift index and story drift index. The overall drift index is defined as the lateral
displacement at the top floor of the building. Story drift index is the difference between the
lateral drift of the story and the lateral drift of the story below it. The definition of overall
drift index and story drift index can be seen in figure 5.1

Figure 5.1: Definition on overall drift index and story drift index used in this case study [17,
fig. 7.1].

General member properties are used throughout the study. Every member in the building
frame is assigned 4 parameters:

• EAx, axial stiffness

• EIx, torsional rotational stiffness

• EIy, bending stiffness along weak axis

• EIz, bending stiffness along strong axis

5.1 Assumptions
The static and dynamic properties of a 30 story building comprising a rigid frame is studied
in this case study.

The height of the building is 117 meters, and comprises 30 floors, each having an effec-
tive floor height of 3.9 meters. The floor plan and a 3D-outline on the building can be seen
in figures 5.2 and 5.3. Primary load cases for wind, snow, selfweight and service load are
created according to Eurocode. Load combinations for serviceability are formed from the
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characteristic combination, given in [31, 6.14a]. A full explanation on the load cases and
combinations used in the case study can be found in appendix A. Kfi -value is assumed to
be 1.1, as is the case for all buildings exceeding 8 stories.

Figure 5.2: 3D-FEM model of building.
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Floor upwind wall downwind wall
[kN/m2] [kN/m2]

23-30 1.84258 1.43721
21,22 1.75193 1.36651
19,20 1.72734 1.34732
17,18 1.70047 1.32637
15,16 1.67084 1.30326
13,14 1.63779 1.27748
11,12 1.60038 1.2483
9,10 1.55722 1.21463
1-8 1.50609 1.17475

Table 5.1: Wind load applied to building envelope perpendicular to wind direction used in
case study.

Figure 5.3: Floor plan of the building.

Wind load acts on the external envelope of the building. The magnitude of the wind load
in this case study is calculated in accordance with Eurocode, provided the basic value for
wind speed being 21 m/s and the environment class being 0. This makes zmin = 1m and
z0 = 0.003 m. Only destabilizing wind load is included in the case study. Wind load on
sides parallel to wind direction is ignored.

The numerical value for wind load applied on the external envelope of the building is
illustrated in table 5.1.

For added realism in the section properties of the beams and columns, the values for axial
stiffness and bending stiffness are divided into 3 parts of the structure. Beams- and columns
in floors 1-10 have full bending stiffness, 70% bending and axial stiffness in floors 11-20 and
40% bending and axial stiffness in floors 21-30. This makes the relation EIb/EIc constant
throughout the height of the building.

Every floor is seen as a rigid diaphragm in the study. This means that the plane geometry
is kept constant in every floor, which in turn eliminates the need for minor axis bending
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stiffness in the beams. The same effect results also result in zero axial load applied to the
beams in the floor plane.

In the FEM-calculations, the following values for selfweight of members are assumed

• Intermediate floors: 6.25 kN/m2

• Facade elements: 6.25 kN/m2

• Beams: 2.5 kN/m

• Columns: 8.41 kN/m

• Basic mean wind speed vm = 21m/s
A basic snow load of 2 kN/m2 is used throughout the case study.

The following assumptions have been used in the dynamic analysis

• φ = 0.6 as for slender rigid frames in general

• ζ = 0.05 as for tall steel buildings

• δd = 0 , with no special device induced damping is used

• wind force coefficient cf = 1.3

• me assumes the mass being constantly distributed along the building height.

• α = 0.67 + 0.05 ln (z0)

5.2 Methodology
Separate frames for each design parameter are made. The design parameters here are:

• Degree of joint fixity between columns and beams

• Cross sectional area and thus axial stiffness of the columns

• Configuration of floor bracing

• Change in building selfweight for dynamic analysis

The degree of fixity in beam-column joints were altered using a partial moment release.
a command MPZ was added to the beam properties with a parameter varying from 0 (fully
rigid joint) to 1 (nominally pinned joint). MZ09 in the result tables means 10% moment
release and so on. The degree of moment release is then defined as the amount of moment
that is not transferred to columns from the beams, compared to the moment affecting the
joint.

The beam and column properties are taken from the same list, shown in table 5.2.
The FEM-programme Staad.Pro was used to obtain the necessary results from this study.

The column and beam values are iterated in 20 s, resulting in 400 different element property
pairs and 400 calculation results. Since the mechanical lateral stiffness of the building de-
pends mostly on bending stiffness of the beams and columns, solution surfaces as a function
of both these variables are produced for each FEM-model.

The FEM-programme cycles through every pair from table 5.2 and calculates the results.
In programming terms, the process looks like the following
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Property EA [MN] EIz [MNm2] EIy [MNm2]
PROP01 8000 200 200
PROP02 8000 400 400
PROP03 8000 600 600
PROP04 8000 800 800
PROP05 8000 1000 1000
PROP06 8000 1200 1200
PROP07 8000 1400 1400
PROP08 8000 1600 1600
PROP09 8000 1800 1800
PROP10 8000 2000 2000
PROP11 8000 2200 2200
PROP12 8000 2400 2400
PROP13 8000 2600 2600
PROP14 8000 2800 2800
PROP15 8000 3000 3000
PROP16 8000 3200 3200
PROP17 8000 3400 3400
PROP18 8000 3600 3600
PROP19 8000 3800 3800
PROP20 8000 4000 4000

Table 5.2: Staad.PRO user table for floors 1-10 used in case study. Floors 11-20 have 1-10-
property, but decreased to 70%. Floors 21-30-properties are decreased to 40% of properties
in floors 1-10. Torsional stiffness EIx is assumed to be 1GNm2 for all member properties
PROP01 to PROP20, and this value is unchanged along the building height.

for every column-property:
for every beam-property:

Perform analysis in Staad.PRO
Plot results

Values from each calculation were extracted per script from the output text file of the
calculation, and could be done with great degree of automation.

Results on both overall drift index and inter-story drift index is acquired from the FEM-
analysis. These results are presented in section 5.3.

5.3 Results

5.3.1 Overall drift index

Figure 5.4 illustrates the baseline calculation, where joints between beams and columns are
fully restrained. The figure illustrates the drift index, that being the maximum horizontal
movement resulting from wind loading on the building. Note that both x- and z- directional
values are plotted in the same plot. Values for H/[600, 500, 400, 300] are illustrated in the
contour, with the H/600-curve corresponding to the largest values for both beam- and column
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bending stiffness.
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Figure 5.4: Beam and column strength corresponding to overall lateral deflection. The con-
tours marked correspond to H/600 (19.5cm), H/500 (23.4cm), H/400 (29.25cm) and H/300
(39cm). Both the x-directional and the z-directional frame is included in this graph.

Figure 5.5 shows how top lateral deflection is related to partial moment release in beam-
column joints.
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Figure 5.5: Total drift H/600 and H/400 relative to varying degrees of beam-column joint
fixity in z-directional frame.The filled line corresponds to H/600 overall deflection and the
dashed line corresponds to H/400 overall deflection.

In figure 5.6, the relationship between axial stiffness (EA) and lateral stiffness is plotted
with varying values for column- and beam bending stiffness. Less axial stiffness increases
the portion of overall bending. This increases the from wind loading resulting lateral deflec-
tion, which is generally dominated by shear deflection.
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Total deflection relative to changing column axial stiffness in z-direction
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Figure 5.6: Beam and column strength corresponding to overall lateral deflection of H/600,
with varying column axial stiffness.

The impact of bracing some floors externally with x-braces (see figure 5.9). 2 models
with x-bracing were tested. One model had x-bracing applied in every 3:rd floor and the
other model had x-bracing applied at every 5:th floor. The result from the drift index analysis
of these frames are illustrated in figure 5.7 and 5.8.
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Figure 5.7: Drift index as a function of beam and column stiffness in z- direction. Base model
is compared to models including x-bracing every 3:rd and every 5:th floor.
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Figure 5.9: Bracing of the rigid frame model with x-bracing.
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5.3. RESULTS

EIc Base MZ09 MZ08 MZ07 MZ06 MZ05 AX09 AX08 AX07 AX06 AX05 br5 br3
0.20 NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN
0.40 NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN
0.60 NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN 2.76 1.45
0.80 2.46 2.86 3.37 NaN NaN NaN 3.99 NaN NaN NaN NaN 1.59 0.98
1.00 1.79 2.09 2.48 2.98 3.66 NaN 2.53 NaN NaN NaN NaN 1.25 0.80
1.20 1.52 1.77 2.09 2.52 3.10 3.92 2.01 3.39 NaN NaN NaN 1.09 0.71
1.40 1.36 1.58 1.88 2.26 2.78 3.52 1.75 2.73 NaN NaN NaN 0.99 0.64
1.60 1.26 1.47 1.74 2.10 2.58 3.27 1.59 2.37 NaN NaN NaN 0.93 0.59
1.80 1.19 1.39 1.65 1.98 2.44 3.10 1.49 2.14 NaN NaN NaN 0.88 0.57
2.00 1.15 1.34 1.58 1.90 2.34 2.97 1.41 1.99 NaN NaN NaN 0.84 0.54
2.20 1.11 1.29 1.53 1.84 2.26 2.87 1.35 1.88 3.72 NaN NaN 0.81 0.52
2.40 1.08 1.26 1.49 1.79 2.20 2.78 1.31 1.79 3.41 NaN NaN 0.79 0.50
2.60 1.05 1.22 1.45 1.75 2.15 2.72 1.27 1.73 3.18 NaN NaN 0.77 0.48
2.80 1.03 1.20 1.42 1.71 2.11 2.67 1.24 1.67 3.00 NaN NaN 0.75 0.47
3.00 1.01 1.18 1.39 1.68 2.07 2.62 1.21 1.63 2.87 NaN NaN 0.74 0.46
3.20 0.99 1.16 1.37 1.66 2.04 2.58 1.19 1.59 2.75 NaN NaN 0.73 0.44
3.40 0.98 1.15 1.36 1.63 2.01 2.55 1.17 1.56 2.66 NaN NaN 0.71 0.43
3.60 0.97 1.14 1.34 1.61 1.98 2.52 1.16 1.53 2.58 NaN NaN 0.70 0.42
3.80 0.96 1.12 1.33 1.59 1.96 2.49 1.15 1.51 2.51 NaN NaN 0.69 0.41
4.00 0.95 1.11 1.32 1.58 1.95 2.46 1.13 1.48 2.45 NaN NaN 0.68 0.40

Table 5.3: Z-directional frame. Beam bending stiffness [GNm2] as function of column
bending stiffness resulting in top level lateral deflection of H H

600 .

EIc Base MZ09 MZ08 MZ07 MZ06 MZ05 AX09 AX08 AX07 AX06 AX05 br5 br3
0.20 NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN
0.40 NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN
0.60 1.47 1.72 2.02 2.43 2.99 3.77 1.93 3.10 NaN NaN NaN 2.76 1.45
0.80 1.08 1.25 1.48 1.78 2.19 2.77 1.30 1.77 3.24 NaN NaN 1.59 0.98
1.00 0.92 1.08 1.27 1.53 1.88 2.38 1.09 1.39 2.19 NaN NaN 1.25 0.80
1.20 0.84 0.98 1.16 1.39 1.71 2.17 0.97 1.21 1.79 NaN NaN 1.09 0.71
1.40 0.78 0.92 1.09 1.31 1.60 2.03 0.91 1.12 1.57 3.49 NaN 0.99 0.64
1.60 0.76 0.88 1.04 1.25 1.54 1.95 0.86 1.05 1.45 2.93 NaN 0.93 0.59
1.80 0.73 0.85 1.00 1.20 1.49 1.88 0.82 0.99 1.36 2.59 NaN 0.88 0.57
2.00 0.71 0.82 0.97 1.17 1.44 1.83 0.80 0.96 1.29 2.37 NaN 0.84 0.54
2.20 0.70 0.80 0.96 1.15 1.41 1.78 0.78 0.94 1.24 2.21 NaN 0.81 0.52
2.40 0.69 0.79 0.94 1.13 1.38 1.75 0.77 0.92 1.20 2.10 NaN 0.79 0.50
2.60 0.67 0.78 0.93 1.11 1.36 1.73 0.76 0.90 1.17 2.00 NaN 0.77 0.48
2.80 0.66 0.77 0.91 1.10 1.35 1.70 0.75 0.88 1.15 1.93 NaN 0.75 0.47
3.00 0.65 0.76 0.90 1.08 1.33 1.68 0.74 0.87 1.13 1.87 NaN 0.74 0.46
3.20 0.65 0.75 0.89 1.07 1.32 1.66 0.73 0.85 1.11 1.81 NaN 0.73 0.44
3.40 0.64 0.75 0.88 1.06 1.30 1.65 0.72 0.84 1.09 1.77 NaN 0.71 0.43
3.60 0.63 0.74 0.88 1.05 1.29 1.63 0.71 0.83 1.07 1.74 NaN 0.70 0.42
3.80 0.63 0.74 0.87 1.04 1.28 1.62 0.71 0.82 1.06 1.70 NaN 0.69 0.41
4.00 0.62 0.73 0.86 1.03 1.27 1.60 0.70 0.81 1.05 1.67 NaN 0.68 0.40

Table 5.4: Z-directional frame. Beam bending stiffness [GNm2] as function of column
bending stiffness resulting in top level lateral deflection of H H

500 .

Bracing single floors proved to be a possible method for reducing total drift. The model
with bracing on every 5:th floor experienced around 30% less total drift than baseline model.
The model with every 3:rd floor braced experienced around 60% less total drift than baseline
model. The strategic placement of the braced floors have not been studied here, there are
possible bracing patterns that could prove more useful than others.
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5.3. RESULTS

EIc Base MZ09 MZ08 MZ07 MZ06 MZ05 AX09 AX08 AX07 AX06 AX05 br5 br3
0.20 NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN
0.40 1.03 1.20 1.42 1.71 2.10 2.65 1.24 1.65 2.78 NaN NaN NaN NaN
0.60 0.69 0.79 0.94 1.13 1.38 1.75 0.77 0.91 1.19 2.02 NaN 2.76 1.45
0.80 0.58 0.68 0.79 0.96 1.18 1.49 0.64 0.74 0.92 1.35 3.77 1.59 0.98
1.00 0.54 0.61 0.74 0.88 1.08 1.37 0.58 0.67 0.79 1.12 2.42 1.25 0.80
1.20 0.51 0.58 0.70 0.83 1.02 1.29 0.55 0.61 0.74 0.99 1.94 1.09 0.71
1.40 0.49 0.57 0.67 0.79 0.98 1.24 0.53 0.59 0.70 0.93 1.69 0.99 0.64
1.60 0.48 0.55 0.65 0.78 0.95 1.20 0.52 0.57 0.67 0.88 1.54 0.93 0.59
1.80 0.47 0.54 0.63 0.76 0.93 1.18 0.51 0.56 0.65 0.84 1.44 0.88 0.57
2.00 0.46 0.53 0.61 0.75 0.92 1.16 0.50 0.55 0.63 0.81 1.36 0.84 0.54
2.20 0.45 0.53 0.60 0.74 0.90 1.14 0.49 0.54 0.61 0.79 1.31 0.81 0.52
2.40 0.44 0.52 0.60 0.73 0.89 1.13 0.48 0.53 0.60 0.78 1.26 0.79 0.50
2.60 0.43 0.51 0.59 0.72 0.88 1.11 0.48 0.53 0.59 0.76 1.22 0.77 0.48
2.80 0.43 0.51 0.59 0.71 0.87 1.10 0.47 0.52 0.59 0.75 1.19 0.75 0.47
3.00 0.42 0.51 0.58 0.71 0.86 1.09 0.46 0.52 0.58 0.74 1.17 0.74 0.46
3.20 0.42 0.50 0.58 0.70 0.86 1.08 0.46 0.51 0.58 0.74 1.15 0.73 0.44
3.40 0.41 0.50 0.58 0.70 0.85 1.07 0.46 0.51 0.58 0.73 1.13 0.71 0.43
3.60 0.41 0.49 0.57 0.69 0.84 1.07 0.45 0.50 0.57 0.72 1.11 0.70 0.42
3.80 0.41 0.49 0.57 0.69 0.84 1.06 0.45 0.50 0.57 0.71 1.10 0.69 0.41
4.00 0.40 0.49 0.57 0.68 0.83 1.05 0.44 0.50 0.56 0.71 1.08 0.68 0.40

Table 5.5: Z-directional frame. Beam bending stiffness [GNm2] as function of column
bending stiffness resulting in top level lateral deflection of H H

400 .

EIc Base MZ09 MZ08 MZ07 MZ06 MZ05 AX09 AX08 AX07 AX06 AX05 br5 br3
0.20 NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN
0.40 NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN
0.60 NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN
0.80 2.46 16.45 37.40 NaN NaN NaN 62.64 NaN NaN NaN NaN -35.36 -60.21
1.00 1.79 16.91 38.22 66.13 104.23 NaN 41.27 NaN NaN NaN NaN -30.25 -55.60
1.20 1.52 16.52 38.00 66.04 104.17 158.44 32.60 123.67 NaN NaN NaN -28.20 -53.28
1.40 1.36 16.54 38.21 66.29 104.44 159.07 28.81 100.40 NaN NaN NaN -27.50 -52.81
1.60 1.26 16.74 38.09 66.27 104.33 158.98 25.92 87.30 NaN NaN NaN -26.58 -53.07
1.80 1.19 16.81 38.58 66.67 105.24 160.09 25.12 80.07 NaN NaN NaN -26.09 -52.52
2.00 1.15 16.70 37.79 66.19 104.38 158.81 22.84 73.51 NaN NaN NaN -26.67 -52.76
2.20 1.11 16.60 37.90 65.77 104.09 158.54 22.16 69.59 235.50 NaN NaN -27.27 -53.07
2.40 1.08 16.51 37.99 65.72 103.90 158.51 21.69 66.28 216.33 NaN NaN -27.13 -53.44
2.60 1.05 16.43 38.08 66.28 104.56 159.19 21.27 64.59 202.80 NaN NaN -26.87 -53.84
2.80 1.03 16.50 38.16 66.80 105.16 159.80 20.89 63.05 192.61 NaN NaN -26.68 -54.26
3.00 1.01 17.13 38.46 67.27 105.72 160.37 20.55 61.65 185.09 NaN NaN -26.55 -54.70
3.20 0.99 17.23 38.58 67.02 105.38 160.15 20.10 60.06 177.79 NaN NaN -26.76 -55.34
3.40 0.98 17.11 38.43 66.48 104.70 159.73 19.79 58.84 171.40 NaN NaN -27.13 -56.04
3.60 0.97 16.99 38.30 65.99 104.43 159.33 19.51 57.72 165.86 NaN NaN -27.50 -56.72
3.80 0.96 16.89 38.18 65.72 104.29 158.97 19.25 56.68 161.55 NaN NaN -27.86 -57.38
4.00 0.95 16.79 38.06 65.71 104.17 158.62 19.01 55.72 157.55 NaN NaN -28.23 -58.02

Table 5.6: Z-directional frame. Change in required beam bending stiffness [%] as function
of column bending stiffness resulting in top level lateral deflection of H H

600 .

EIc Base MZ09 MZ08 MZ07 MZ06 MZ05 AX09 AX08 AX07 AX06 AX05 br5 br3
0.20 NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN
0.40 NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN
0.60 1.47 16.53 37.41 65.12 102.62 156.05 30.97 110.37 NaN NaN NaN -35.98 -62.38
0.80 1.08 16.42 37.79 65.40 103.32 157.48 21.28 64.50 201.02 NaN NaN -31.51 -59.80
1.00 0.92 16.39 37.52 65.44 103.33 157.15 17.61 50.41 136.75 NaN NaN -30.84 -59.49
1.20 0.84 16.57 38.15 65.74 104.47 158.57 16.05 44.69 113.10 NaN NaN -30.38 -59.30
1.40 0.78 17.56 38.79 66.84 104.28 159.19 15.91 42.20 100.61 345.07 NaN -29.47 -60.16
1.60 0.76 16.62 37.23 65.25 103.36 157.36 14.05 38.31 91.16 287.24 NaN -29.98 -61.88
1.80 0.73 15.83 36.08 63.90 102.66 156.46 12.48 35.48 85.11 253.34 NaN -30.59 -63.63
2.00 0.71 15.14 36.49 64.22 102.05 155.69 11.47 34.77 81.19 231.81 NaN -31.26 -65.39
2.20 0.70 14.54 36.85 64.55 101.52 155.53 11.75 34.16 77.78 216.48 NaN -31.99 -67.11
2.40 0.69 15.09 37.17 64.84 101.85 156.03 12.00 33.62 74.89 205.96 NaN -32.76 -68.80
2.60 0.67 15.59 37.46 65.10 102.39 156.48 12.23 33.15 73.83 196.85 NaN -33.54 NaN
2.80 0.66 16.05 37.72 65.33 102.89 156.89 12.43 32.72 72.88 190.94 NaN -34.34 NaN
3.00 0.65 16.46 37.96 65.55 103.33 157.26 12.62 32.34 72.03 185.60 NaN -35.14 NaN
3.20 0.65 16.84 38.18 65.74 103.75 157.60 12.80 32.00 71.26 180.73 NaN -35.95 NaN
3.40 0.64 17.20 38.38 65.93 104.13 157.92 12.97 31.68 70.56 177.36 NaN -36.76 NaN
3.60 0.63 17.53 38.57 66.10 104.48 158.21 13.12 31.39 69.92 174.65 NaN -37.11 NaN
3.80 0.63 17.84 38.74 66.26 104.82 158.49 13.27 31.12 69.32 172.13 NaN -37.17 NaN
4.00 0.62 18.13 38.91 66.41 105.13 158.75 13.40 30.87 68.76 169.79 NaN -37.25 NaN

Table 5.7: Z-directional frame. Change in required beam bending stiffness [%] as function
of column bending stiffness resulting in top level lateral deflection of H H

500 .
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5.3. RESULTS

EIc Base MZ09 MZ08 MZ07 MZ06 MZ05 AX09 AX08 AX07 AX06 AX05 br5 br3
0.20 NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN NaN
0.40 NaN 16.07 37.39 65.38 102.79 155.89 20.17 59.62 168.48 NaN NaN NaN NaN
0.60 NaN 14.92 36.96 64.49 101.27 155.12 11.76 32.99 73.09 194.14 NaN 301.06 111.21
0.80 2.46 17.45 36.78 65.63 103.00 157.55 10.63 28.05 58.52 132.00 549.18 173.60 68.43
1.00 1.79 13.61 36.26 63.24 100.21 152.60 7.61 23.04 47.05 106.31 348.15 131.10 47.13
1.20 1.52 13.71 35.85 61.39 98.03 151.85 8.03 19.19 44.53 92.93 277.80 111.98 37.94
1.40 1.36 14.83 35.52 60.75 98.35 151.24 8.38 18.80 42.55 87.91 242.85 99.73 29.99
1.60 1.26 15.75 35.25 62.05 99.51 150.77 8.66 19.45 40.93 83.82 222.10 93.87 23.93
1.80 1.19 16.54 35.02 63.15 100.49 152.32 8.91 20.01 39.58 80.41 208.19 88.78 21.27
2.00 1.15 17.22 34.82 64.11 101.34 153.66 9.13 20.50 38.44 77.51 199.01 84.30 18.73
2.20 1.11 17.81 34.64 64.95 102.08 154.83 9.32 20.94 37.45 76.53 192.73 80.27 16.33
2.40 1.08 18.35 35.43 65.69 102.75 155.88 9.50 21.33 36.58 76.39 187.24 78.47 14.05
2.60 1.05 18.83 36.36 66.37 103.35 156.83 9.66 21.69 37.11 76.28 182.36 77.24 11.89
2.80 1.03 19.26 37.21 66.99 103.90 157.69 9.81 22.02 37.68 76.19 178.73 76.06 9.84
3.00 1.01 19.67 38.00 67.55 104.40 158.49 9.94 22.33 38.21 76.12 176.86 74.94 7.89
3.20 0.99 20.04 38.72 68.08 104.87 159.22 10.07 22.61 38.70 76.07 175.17 73.86 6.03
3.40 0.98 20.39 39.40 68.57 105.30 159.91 10.19 22.88 39.16 76.03 173.62 72.83 4.26
3.60 0.97 20.72 40.04 69.03 105.71 160.56 10.30 23.14 39.60 76.01 172.19 71.83 2.57
3.80 0.96 21.03 40.64 69.46 106.10 161.17 10.41 23.38 40.01 75.99 170.87 70.87 0.95
4.00 0.95 21.32 41.21 69.88 106.46 161.75 10.51 23.61 40.41 75.97 169.63 69.94 -0.60

Table 5.8: Z-directional frame. Change in required beam bending stiffness [%] as function
of column bending stiffness resulting in top level lateral deflection of H H

400 .

Tables 5.3, 5.4 and 5.5 were formed to illustrate the relationship between EIc and the
required EIb for fulfilling H/600, H/500 and H/400 overall drift index criteria. Table 5.3
reveals the AX-factor, the axial stiffness, being a little more critical than MZ. For instance;
with EIc = 1.40GNm2 in table 5.3, the required beam bending stiffness in MZ09 is 1.58
GNm2, while the value for AX09 is 1.75 GNm2. On the other hand, in table 5.5, the
opposite is true in the same property line. There the required beam bending stiffness in MZ09
is 0.57 GNm2, while the value for AX09 is 0.53 GNm2. The same pattern is visible in both
tables in other rows, corresponding to other column bending stiffness values, as well. This
would indicate that when using a stricter drift index requirement column axial stiffness is
most significant and when using a not so strict drift index requirement joint stiffness becomes
more important.

Some table columns are marked as NaN . This means that no corresponding beam stiff-
ness could be found for the chosen column stiffness, or that such bending stiffness is off
the chart in this study. Additional story drift tables, also including story drift values for
x-directional frame is included in appendix D.

In containing lateral stiffness in this case study, the axial stiffness had more affect than
the partial joint release in joints between columns and beams.

The case study revealed that the z-directional frame had less story stiffness than the x-
directional frame. This is illustrated in figure 5.4, where the z-directional frame requires
more member bending stiffness than the x-directional frame to fulfill different drift index
requirements. An explanation for this behaviour in the building is that the z-directional
frame has wider column spacing (8.4m) than the x-directional frame (6m).

5.3.2 Inter-story drift index

Design against inter-story drift is important from 3 standpoints; Structural stability, damage
to non-structural elements in the building and human comfort. A relation between inter-story
drift index δ under wind or seismic loading and possible damage to the building is proposed
as follows[17]:
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5.3. RESULTS

δ=0.001 Probable nonstructural damage, in the case study
3.9mm

δ=0.002 Relatively certain nonstructural damage, in the case
study 7.8mm

δ=0.007 Likely nonstructural damage, in the case study 27.3mm
δ=0.015 Certain nonstructural damage, structural damage likely,

in the case study 58.5mm
Lines in the contour plots displaying story drift corresponds to values presented in the

table above.
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Figure 5.10 show that even the frame alternatives with little member bending stiffness
have a maximum story drift between 0.78cm and 3.9mm, corresponding to δ = 0.002 and δ
= 0.001. This would indicate the base model to be experiencing relatively certain damage or
probable nonstructural damage under wind loads used in the case study.

Location of maximum story drift in baseline model in z-directional frame is illustrated in
figure 5.11. Most frames calculated reach their maximum inter-story drift at floor 22. Only
when the beam bending stiffness is decreased to around 500 MNm2, maximum story drift
is located downwards to story 13 in a rapid fashion.

Changing joint stiffness increase the maximum inter story drift, as seen in figure 5.12.
When the degree of joint fixity is reduced to 70%, frames with beam bending stiffness reach
2.73cm (δ=0.007) in frames where beam bending stiffness is below 200 MNm2. Stronger
columns have little effect when beam bending stiffness is of that order.

As to be expected, a decrease in axial stiffness increase the maximum story drift in the
building. This effect is illustrated in figure 5.10. However, even with 60% axial stiffness
in the columns, no frame calculated has a maximum inter-story drift value of 2.73cm, as
opposed to frames with decreased degree of joint stiffness shown in figure 5.12.

5.3.3 Second order analysis

A P-∆ - analysis was carried out on the base model, the result of which can be seen in figure
5.14. The analysis is carried out using Staad.PRO PDELTA analysis facility.
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The analysis is done as an iterative P-∆ -analysis. First, the primary analysis is carried
out on the undeformed state of the building. After that, the additional lateral loads from
vertical eccentricity is taken into account for calculation of the lateral deflection in the next
iteration. In the analysis in this case study, 30 such iterations have taken place for every
beam-column property pair.

Figure 5.14 shows a significant increase in overall drift with P-∆ -analysis compared to
direct static analysis. A difference of 6% in overall drift with stiffer building elements and
up to 20% in models with less stiff elements is shown in the figure. The significance of the
second order effect grows as frame member stiffness is decreased.

5.3.4 Stability

The stability of the building is analyzed in Staad.PRO through the use of buckling analysis.
The buckling analysis is independent of the strength values of the members.

Buckling analysis in Staad.PRO provides buckling factors for each load case. The buck-
ling factor describes what factor to multiply all load components in the load case with so that
global Euler-buckling would occur in the structure.

4 buckling modes are calculated as an Eigenvalue-problem. For the building in the case-
study, the 4 first buckling modes for load case 1007 is illustrated in figure 5.15
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5.3. RESULTS

(a) 1. buckling mode (b) 2. buckling mode

(c) 3. buckling mode (d) 4. buckling mode

Figure 5.15: Buckling modes for the rigid frame resulting from load case 1007.

Buckling analysis were carried out for a few frame configurations with top deflection
H/600 and H/400. The result of these calculations are summarized in table 5.9. The table
shows the factor decreasing from 12.576 to 7.456 when allowing for overall drift index H/400
from H/600, a change in stability by 40.7 %. No buckling occurs in neither of the models.

Buckling would be indicated by the factor being below zero, meaning the load need be
factored by less than its original value. Table 5.9 shows that none of the selected frame
solutions in the case-study buckles globally.
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5.3. RESULTS

Model criteria EIbeams EIcolumns Buckling factor Load case
H/600 1.462 1.260 12.576 1005

1.255 1.6200 12.558 1007
1.667 1.070 12.530 1005

H/400 0.678 0.6100 7.456 1007
0.688 0.600 7.433 1005
0.661 0.630 7.423 1005

Table 5.9: Results from buckling analysis of selected member property pairs.

5.3.5 Natural frequency and peak acceleration analysis

Figure 5.16 illustrates the relation between beam and column stiffness in z- and x-direction
and the natural frequency of the building. The figure reveals that an increase in beam and
column stiffness result in an increase in frequency. Comparing the natural frequency of the
frame in z- and x- direction, one finds that the x-directional frame has a lower frequency than
the z-directional frame.

Change in mass has been taken into account in figures 5.17 and 5.18.
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Figure 5.18: First mode of resonance relative to changing building mass in x-direction.
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5.3. RESULTS

Acceleration values for different frame masses (mass decreased or increased in this case)
is plotted in figure 5.19 and 5.20. Basic wind speed in the calculation is taken to be 28.3m

s
,

as in [41, A.1].
In design, peak acceleration relates to comfort criteria of the building. The National

Building Code of Canada defines simple rules for acceleration criteria:

• a < g ∗ 1% = 0.0981m
s2 for residential buildings

• a < g ∗ 3% = 0.2943m
s2 for office buildings

[41].
Most values in figure 5.20 and 5.19 are well below these values, ranging from around 0.05

m
s2 to 0.03 m

s2 . Based on the assumptions taken peak acceleration pose little problem in this
building when using Canadian basic criteria for serviceability. No frame has an acceleration
value above the requirement for residential buildings or office buildings in the Building Code
of Canada. Figures 5.19 and 5.20 show that the x-directional frame has a higher value for
the characteristic peak along-wind acceleration value than the z-directional frame.
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Figure 5.19: Characteristic peak acceleration value for x-directional frame.
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Figure 5.20: Characteristic peak acceleration value for z-directional frame.

5.3.6 Suggested mechanical properties of members

For fulfilling different requirements of total drift, the following pairs of bending stiffness
have been extracted. The values have been selected through interpolation between the values
calculated in the FEM-model to correspond to the selected criteria for overall drift index.
Interpolation resulted in column bending stiffness EIcolumns and corresponding beam bend-
ing stiffness EIbeams(EIcolumns), that correspond to chosen top deflection. Minimizing both
bending stiffness values was carried out in 3 different ways, in order to get column - and
beam dependent values for comparison.

1. For optimum value with both values close to each other: Minimize (EI2
columns +

EI2
beams)

2. For optimum value with more beam stiffness: Minimize (EI4
columns + EI2

beams)

3. For optimum value with more column stiffness : Minimize (EI2
columns + EI4

beams)

These values gives a possible combination of member properties for restricting lateral
drift. Selected tables for deflection value of H/600, H/500 and H/400 are given in table
5.10 Frames are given ID number for reference
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5.3. RESULTS

Frame ID Element sec.1 sec.2 sec.3
Base H600 equal EIb[GNm2] 1.462 1.024 0.585

EIc[GNm2] 1.260 0.882 0.504
EAc[GN] 8.000 5.600 3.200

Base H600 column EIb [GNm2] 1.255 0.878 0.502
EIc [GNm2] 1.620 1.134 0.648
EAc[GN] 8.000 5.600 3.200

Base H600 beam EIb[GNm2] 1.667 1.167 0.667
EIc[GNm2] 1.070 0.749 0.428
EAc[GN] 8.000 5.600 3.200

Base H500 equal EIb[GNm2] 1.014 0.710 0.406
EIc[GNm2] 0.860 0.602 0.344
EAc[GN] 8.000 5.600 3.200

Base H500 column EIb [GNm2] 0.945 0.661 0.378
EIc [GNm2] 0.960 0.672 0.384
EAc[GN] 8.000 5.600 3.200

Base H500 beam EIb[GNm2] 1.053 0.737 0.421
EIc[GNm2] 0.820 0.574 0.328
EAc[GN] 8.000 5.600 3.200

Base H400 equal EIb[GNm2] 0.678 0.475 0.271
EIc[GNm2] 0.610 0.427 0.244
EAc[GN] 8.000 5.600 3.200

Base H400 column EIb [GNm2] 0.688 0.481 0.275
EIc [GNm2] 0.600 0.420 0.240
EAc[GN] 8.000 5.600 3.200

Base H400 beam EIb[GNm2] 0.661 0.463 0.265
EIc[GNm2] 0.630 0.441 0.252
EAc[GN] 8.000 5.600 3.200

Table 5.10: Suggested values for frame members in base model, where joint stiffness is rigid
and EA = 8GN for H/600, H/500 and H/400.
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5.3. RESULTS

Frame ID Element sec.1 sec.2 sec.3
mz09 H600 equal EIb[GNm2] 1.630 1.141 0.652

EIc[GNm2] 1.340 0.938 0.536
EAc[GN] 8.000 5.600 3.200

mz09 H600 column EIb [GNm2] 1.390 0.973 0.556
EIc [GNm2] 1.800 1.260 0.720
EAc[GN] 8.000 5.600 3.200

mz09 H600 beam EIb[GNm2] 1.882 1.317 0.753
EIc[GNm2] 1.110 0.777 0.444
EAc[GN] 8.000 5.600 3.200

mz08 H600 equal EIb[GNm2] 1.855 1.299 0.742
EIc[GNm2] 1.430 1.001 0.572
EAc[GN] 8.000 5.600 3.200

mz08 H600 column EIb [GNm2] 1.565 1.095 0.626
EIc [GNm2] 2.050 1.435 0.820
EAc[GN] 8.000 5.600 3.200

mz08 H600 beam EIb[GNm2] 2.147 1.503 0.859
EIc[GNm2] 1.160 0.812 0.464
EAc[GN] 8.000 5.600 3.200

mz07 H600 equal EIb[GNm2] 2.135 1.495 0.854
EIc[GNm2] 1.550 1.085 0.620
EAc[GN] 8.000 5.600 3.200

mz07 H600 column EIb [GNm2] 1.781 1.247 0.712
EIc [GNm2] 2.420 1.694 0.968
EAc[GN] 8.000 5.600 3.200

mz07 H600 beam EIb[GNm2] 2.469 1.728 0.988
EIc[GNm2] 1.230 0.861 0.492
EAc[GN] 8.000 5.600 3.200

mz06 H600 equal EIb[GNm2] 2.506 1.754 1.002
EIc[GNm2] 1.700 1.190 0.680
EAc[GN] 8.000 5.600 3.200

mz06 H600 column EIb [GNm2] 2.066 1.446 0.827
EIc [GNm2] 3.020 2.114 1.208
EAc[GN] 8.000 5.600 3.200

mz06 H600 beam EIb[GNm2] 2.916 2.041 1.167
EIc[GNm2] 1.300 0.910 0.520
EAc[GN] 8.000 5.600 3.200

Table 5.11: Suggested values for frame members in base model, where joint stiffness varies
and EA = 8GN for H/600.
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Frame ID Element sec.1 sec.2 sec.3
mz09 H500 equal EIb[GNm2] 1.136 0.795 0.454

EIc[GNm2] 0.910 0.637 0.364
EAc[GN] 8.000 5.600 3.200

mz09 H500 column EIb [GNm2] 1.025 0.718 0.410
EIc [GNm2] 1.090 0.763 0.436
EAc[GN] 8.000 5.600 3.200

mz09 H500 beam EIb[GNm2] 1.191 0.834 0.476
EIc[GNm2] 0.850 0.595 0.340
EAc[GN] 8.000 5.600 3.200

mz08 H500 equal EIb[GNm2] 1.292 0.904 0.517
EIc[GNm2] 0.970 0.679 0.388
EAc[GN] 8.000 5.600 3.200

mz08 H500 column EIb [GNm2] 1.149 0.804 0.460
EIc [GNm2] 1.220 0.854 0.488
EAc[GN] 8.000 5.600 3.200

mz08 H500 beam EIb[GNm2] 1.363 0.954 0.545
EIc[GNm2] 0.890 0.623 0.356
EAc[GN] 8.000 5.600 3.200

mz07 H500 equal EIb[GNm2] 1.465 1.026 0.586
EIc[GNm2] 1.080 0.756 0.432
EAc[GN] 8.000 5.600 3.200

mz07 H500 column EIb [GNm2] 1.306 0.914 0.523
EIc [GNm2] 1.410 0.987 0.564
EAc[GN] 8.000 5.600 3.200

mz07 H500 beam EIb[GNm2] 1.593 1.115 0.637
EIc[GNm2] 0.930 0.651 0.372
EAc[GN] 8.000 5.600 3.200

mz06 H500 equal EIb[GNm2] 1.720 1.204 0.688
EIc[GNm2] 1.190 0.833 0.476
EAc[GN] 8.000 5.600 3.200

mz06 H500 column EIb [GNm2] 1.503 1.052 0.601
EIc [GNm2] 1.730 1.211 0.692
EAc[GN] 8.000 5.600 3.200

mz06 H500 beam EIb[GNm2] 1.889 1.322 0.755
EIc[GNm2] 0.990 0.693 0.396
EAc[GN] 8.000 5.600 3.200

Table 5.12: Suggested values for frame members in base model, where joint stiffness varies
and EA = 8GN for H/500.
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Frame ID Element sec.1 sec.2 sec.3
mz09 H400 equal EIb[GNm2] 0.763 0.534 0.305

EIc[GNm2] 0.630 0.441 0.252
EAc[GN] 8.000 5.600 3.200

mz09 H400 column EIb [GNm2] 0.755 0.529 0.302
EIc [GNm2] 0.640 0.448 0.256
EAc[GN] 8.000 5.600 3.200

mz09 H400 beam EIb[GNm2] 0.748 0.523 0.299
EIc[GNm2] 0.650 0.455 0.260
EAc[GN] 8.000 5.600 3.200

mz08 H400 equal EIb[GNm2] 0.859 0.601 0.343
EIc[GNm2] 0.680 0.476 0.272
EAc[GN] 8.000 5.600 3.200

mz08 H400 column EIb [GNm2] 0.831 0.582 0.332
EIc [GNm2] 0.720 0.504 0.288
EAc[GN] 8.000 5.600 3.200

mz08 H400 beam EIb[GNm2] 0.851 0.596 0.340
EIc[GNm2] 0.690 0.483 0.276
EAc[GN] 8.000 5.600 3.200

mz07 H400 equal EIb[GNm2] 1.011 0.708 0.405
EIc[GNm2] 0.710 0.497 0.284
EAc[GN] 8.000 5.600 3.200

mz07 H400 column EIb [GNm2] 0.956 0.669 0.383
EIc [GNm2] 0.810 0.567 0.324
EAc[GN] 8.000 5.600 3.200

mz07 H400 beam EIb[GNm2] 1.011 0.708 0.405
EIc[GNm2] 0.710 0.497 0.284
EAc[GN] 8.000 5.600 3.200

mz06 H400 equal EIb[GNm2] 1.201 0.841 0.480
EIc[GNm2] 0.760 0.532 0.304
EAc[GN] 8.000 5.600 3.200

mz06 H400 column EIb [GNm2] 1.082 0.758 0.433
EIc [GNm2] 1.000 0.700 0.400
EAc[GN] 8.000 5.600 3.200

mz06 H400 beam EIb[GNm2] 1.208 0.845 0.483
EIc[GNm2] 0.750 0.525 0.300
EAc[GN] 8.000 5.600 3.200

Table 5.13: Suggested values for frame members in base model, where joint stiffness varies
and EA = 8GN for H/400.
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Frame ID Element sec.1 sec.2 sec.3
ax09 H600 equal EIb[GNm2] 1.686 1.180 0.674

EIc[GNm2] 1.470 1.029 0.588
EAc[GN] 7.200 5.040 2.880

ax09 H600 column EIb [GNm2] 1.411 0.988 0.564
EIc [GNm2] 1.990 1.393 0.796
EAc[GN] 7.200 5.040 2.880

ax09 H600 beam EIb[GNm2] 2.026 1.419 0.811
EIc[GNm2] 1.190 0.833 0.476
EAc[GN] 7.200 5.040 2.880

ax08 H600 equal EIb[GNm2] 2.108 1.475 0.843
EIc[GNm2] 1.840 1.288 0.736
EAc[GN] 6.400 4.480 2.560

ax08 H600 column EIb [GNm2] 1.701 1.191 0.680
EIc [GNm2] 2.700 1.890 1.080
EAc[GN] 6.400 4.480 2.560

ax08 H600 beam EIb[GNm2] 2.657 1.860 1.063
EIc[GNm2] 1.430 1.001 0.572
EAc[GN] 6.400 4.480 2.560

ax09 H400 equal EIb[GNm2] 0.727 0.509 0.291
EIc[GNm2] 0.640 0.448 0.256
EAc[GN] 7.200 5.040 2.880

ax09 H400 column EIb [GNm2] 0.718 0.503 0.287
EIc [GNm2] 0.650 0.455 0.260
EAc[GN] 7.200 5.040 2.880

ax09 H400 beam EIb[GNm2] 0.710 0.497 0.284
EIc[GNm2] 0.660 0.462 0.264
EAc[GN] 7.200 5.040 2.880

ax08 H400 equal EIb[GNm2] 0.802 0.561 0.321
EIc[GNm2] 0.690 0.483 0.276
EAc[GN] 6.400 4.480 2.560

ax08 H400 column EIb [GNm2] 0.794 0.556 0.318
EIc [GNm2] 0.700 0.490 0.280
EAc[GN] 6.400 4.480 2.560

ax08 H400 beam EIb[GNm2] 0.802 0.561 0.321
EIc[GNm2] 0.690 0.483 0.276
EAc[GN] 6.400 4.480 2.560

Table 5.14: Suggested values for frame members in base model, where joint stiffness is rigid
and EA value varies for H/600 and H/400.
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6. Conclusions
A FEM-model of a 30-story rigid frame building was created and analyzed with varied mem-
ber properties under wind, service and gravity load. Results were plotted with respect to both
beam- and column bending stiffness. The effect of joint fixity and axial stiffness of columns
was investigated. The iterative approach in studying story drift per FEM-programme proved
useful for providing a general understanding in how the rigid frame building behaves under
lateral loading.

For this analysis using Staad.PRO FEM -programme, the calculation output could be
handled with text editor, and thereby exported from every iteration. This made the data
handling convenient.

The results are general, meaning that the building frames represented in them are not in
themselves optimum designs, but rather a set of beam-column stiffness pairs.

6.1 Validity of the solutions
Member properties of the columns and beams have been changed independent from each
other, meaning that cross sectional area of columns and thereby axial stiffness have been
changed without affecting secondary moment and thus bending stiffness of the same element.
This make the member properties unrealistic, since these 2 parameters are interconnected
in all real cross section alternatives. The idea behind doing a study with general member
properties has been to find some kind of minimum value for mechanical properties.

For the same reason, no ultimate limit state check has been conducted. Since rigid frame
buildings usually fail either by buckling or by insufficient stiffness to contain lateral drift,
this study should still provide great insight in the behaviour and requirements set on a 30
story rigid frame.

Second order analysis of the rigid frame system proved necessary in order to capture
the true behaviour of lateral deflection of the building. As seen in figure 5.14, second order
analysis increased the lateral top drift by 6% in stiff beam-column region and by up to 15%
where beam-column stiffness in bottom vertical section of the building were around 500
MNm2. The results from the comparative study, where values for member stiffness are
iterated in models with varying degree of joint fixity and axial stiffness, is obtained from a
direct analysis. This does not necessary provide enough reliability in design and for more
careful consideration of semi-rigid frames, second order analysis of story drift is necessary.

6.2 Application of rigid frame buildings
The literature study showed that most tall buildings do have other lateral stiffness providing
systems than a rigid frame. Most tall buildings are core-supported and may also contain
bracing at some degree. In Finland tall buildings are rare, and no examples on tall rigid
frame buildings in the 20-30 story height range in Finland was studied. Because of this, no
comparing on how well the system performs in reality in Finnish conditions or how well it
performs compared to other building forms could be carried out.

Reasons to why the rigid frame building form was used in buildings mentioned in section
2 vary. A common reason for using rigid frame building system in the examples discussed
in this thesis is the freeing of space in the plane, where no shear walls or bracing elements
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6.3. BEST SOLUTIONS FOR MEMBER PROPERTIES

need to be placed. Freeing space underneath the building was also found to be a favourable
property of the rigid frame building system in the case of the Lever House -building. Tokyo
Marine Building was built with a rigid frame in part because of fire design restrictions.
Leaving the columns outside the building made increased fire resistance and reducing the
need for fire protection.

While the rigid frame building system is often viewed as the building system of the past.
Palestra-building is one of the more modern buildings mentioned in the case study. The
Palestra building symbolizes sustainability with its wind turbines on the roof. The building
system of Palestra also adds to this effect, with cellular beams that can accommodate future
needs in servicing.

A rigid frame combined with another building system was more common in tall buildings
in the literature than a system relying only on a rigid frame. This was the case with 1WTC,
where a steel moment frame as well as a concrete core provide the lateral stiffness.

6.3 Best solutions for member properties
Optimization of the member properties have in some degree been conducted in the case
study, resulting in tables with suggested member properties.

The frame “Base H600 equal” described in 5.10 has columns with a bending stiffness of
1.260 GNm2. When using steel profile with E = 200GPa, required secondary moment of
the column is 0.0063 m4. A steel square tube profile with dimensions 800mm side width
and 30mm wall thickness provide 0.0091 m4, which is over the requirement for the required
bending stiffness required for columns. Axial stiffness for such a profile is 8 GN, which is
equivalent to a steel cross sectional area of 0.04 m2. The 800mm square profile mentioned
earlier has an area of 0.09 m2, which is well over the required area. The same steel tubu-
lar cross-section also exceeds the requirement given for beams, 1.462 GNm2 and 0.0073
GNm2.

This would indicate that a steel rigid frame with fully rigid joints could provide the lateral
stiffness needed for a building with the dimensions used in the case study.

6.4 Reliability on building mechanical properties
Bending stiffness of both columns and beams are key in this case study, and also in rigid
frame building design. This makes the reliability of these properties paramount in the design.

This fact can pose a threat when designing concrete rigid frame buildings, since concrete
is not isotropic under excessive loading. When designing a concrete frame, the values for
bending stiffness can be reduced to take this factor into account. Generally this means reduc-
ing the bending stiffness of beams by a factor of 0.35-0.5 and reducing the column bending
stiffness by a factor of 0.7.

While ultimate limit state design of joints in steel moment connections usually is a fairly
straight forward process, the determination of rotational stiffness in steel joints often proves
to be a more complicated task. The determination of rotational stiffness in steel joints proves
especially troublesome in bolted joints involving rectangular hollow sections. The rotational
stiffness of such joints rely mostly on experimental data, and rarely any data on joints be-
tween hollow section profiles and I-profiles in tall building frame applications.
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6.5. NATURAL LATERAL STIFFNESS PROVIDERS

6.5 Natural lateral stiffness providers
Elevator shafts is an essential part of any tall building. Creating an elevator shaft from
concrete naturally provide lateral stiffness. This fact can make the design of a building
including only a rigid frame as lateral stiffness provider unnecessary, since the elevator shaft
with its lateral stiffness provision already provide some lateral stiffness. On the other hand,
a lateral stiffness system formed from an elevator shaft or some other system does not render
the rigid frame useless. The rigid frame system can be applied together with most other
lateral stiffness systems, making the building more robust. The building system of 1WTC,
discussed in section 2.1.5, is an excellent example where the rigid frame system has been
used as an addition to a concrete core lateral stiffness system.

6.6 Iterative analysis and automated design
The case study included an iterative FEM-analysis of a rigid frame. Staad.PRO, the FEM-
program used in the case study has its own programming language. With this programming
language the frame could be analysed several times in one program run, iterating the member
properties and printing results of interest for every iteration. The results from each program
run had the form of a long text file, from which values of interest could be obtained. This
process was automated through the use of Python-programming. Python scripts for obtaining
values of interest was created instead of using manual copying and pasting of the values from
one program to another.

In this specific case study, 400 calculations were conducted for every frame alternative,
joint stiffness property and axial stiffness property. This resulted in 400 values for drift index.
By using the scripts mentioned above, these values could be extracted from the text-file in
the programme and put into a comma-separated array with dimensions 20x20. Saved in the
CSV-format, this file could be analyzed and plotted in Excel, MATLAB or any other CSV-
compatible programme depending on the needs of the study. For this study MATLAB was
used. Contour plots viewed in chapter 5 were all created from this process.

I believe that a process like this could prove useful in building design. Today most
FEM-design is conducted in a manual way, creating an initial FEM-model and changing
it in the direction needed for fulfilling selected requirements (story drift, acceleration et.c).
With an iterative process like the one used in this case study, many steps in such analysis
could be automated, and thus possibly save time in the design. The approach in a building
design could shift from creating an initial model and changing that manual to carefully create
boundary values and criteria and then have a program figure out the best solution through
iteration.

6.7 Further research
The buildability of rigid steel frames is briefly discussed in this thesis. When it comes to
steel frames that need lateral stability from frame action in both main directions, welded
column-beam joints is almost the only reasonable option. There are some ways for bolted
connections between tubular columns and I-beams, but systems like blind bolted systems
and stub connection systems are mostly used in buildings with a moderate height. The ap-
plication, need for and behaviour of these types of joints could be investigated using 3D
FEM-analysis.
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6.7. FURTHER RESEARCH

A true material comparison has not been done in this study, including elements of steel,
concrete or composite frames. The focus on this study has been to investigate the relationship
between beam- and column stiffness under the influence of degree of joint fixity as well as
axial stiffness of the columns. A study more directed towards applications on this subject
would shed more light on the buildability of rigid frame tall buildings.
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A. Load configuration of case study
The load cases and loading values are described in this section

A.1 Primary load cases

Load case Explanation
1 IMPOSED LOAD Intermediate floor selfweight 6.25 kN/m2, facade selfweight 6.25 kN/m2,

column selfweight 8.4l kN/m, beam selfweight 2.5 kN/m
2 LIVE LOAD Intermediate floor moving load 3 kN/m2
3 SNOW LOAD snow load on roof -2 kN/m2

11 WIND X1
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A.1. PRIMARY LOAD CASES

12 WIND X2

12 WIND Z1
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A.2. LOAD COMBINATIONS

12 WIND Z2

A.2 Load combinations
Load combinations are combined from all the load cases above, according to equation [31,
table A1.2(B)] using reliability class RC3, Kfi = 1.1.

Load case Loadcase Factor
1001 ULS 1 1.15

2 1.155
3 1.155
11 1.65

1001 ULS 1 1.15
2 1.155
11 1.65
3 1.155

1002 ULS 1 1.15
2 1.155
2 1.65
3 1.155

1003 ULS 1 1.15
2 1.155
13 1.65
3 1.155
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A.2. LOAD COMBINATIONS

1004 ULS 1 1.15
2 1.155
14 1.65
3 1.155

1005 ULS 1 1.15
2 1.65
11 1.0
3 1.155

LOAD 1006 ULS 1 1.15
2 1.65
12 1.0
3 1.155

LOAD 1007 ULS 1 1.15
2 1.65
13 1.0
3 1.155

LOAD 1008 ULS 1 1.15
2 1.65
14 1.0
3 1.155

LOAD 1009 ULS 1 0.9
11 1.65

LOAD 1010 ULS 1 0.9
12 1.65

LOAD 1011 ULS 1 0.9
13 1.65

LOAD 1012 ULS 1 0.9
14 1.65

LOAD 2001 ULS 1 1.15
2 1.65

LOAD 101 SLS 1 1.0
2 0.7
11 1.0

LOAD 102 SLS 1 1.0
2 0.7
12 1.0

LOAD 103 SLS 1 1.0
2 0.7
13 1.0

LOAD 104 SLS 1 1.0
2 0.7
14 1.0

84



B. Wind load according to eurocode

B.1 Wind velocity and corresponding pressure force
According to eurocode [35, eq: 4.1], the characteristic 10 minutes mean wind velocity can
be expressed with the following equation:

vb = cdircseasonvb,0 (B.1)

where
vb is the basic velocity.
vb,0 is the fundamental value for the basic wind velocity
cdir is the directional factor for the wind.
cseason is the season factor

The values for cdir and cseason

are given in the national annex. The basic value for both components are 1. The mean wind
is height dependent, and can be expressed quite similar to the 10 meter high mean wind as
follows [35, 4.3]

vm(z) = cr(z)c0(z)vb (B.2)

, where
cr(z) is the roughness factor, now expressed with time-dependence
c0(z) is the orography factor. The values for z0 and

zmin are terrain dependent. There are 4 terrain categories defined, see table B.1.

Figure B.1: Terrain categories [35, Table 4.1]

The mean wind velocity creates a velocity pressure. This pressure has a mean and a
fluctuating component [35, § 4.1 (1)].

The mean wind velocity determines the magnitude of the velocity pressure profile. This
profile can be seen in figure B.3. For tall buildings, 3 zones can be identified with different
wind velocity pressure [35, § 7.2.2 (1)].

• The low region. This part travels from the bottom of the building up to where the
height equals the width of the building.

• Middle region. Depending on the situation, this region can be divided into horizontal
strips with equal hight hstrip
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B.1. WIND VELOCITY AND CORRESPONDING PRESSURE FORCE

Figure B.2: wind speed as a function of height for building in environment class 1 (sea)

• Top region, with the same height as the low region.
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B.1. WIND VELOCITY AND CORRESPONDING PRESSURE FORCE

Figure B.3: Reference height and corresponding velocity pressure profile [35, fig. 7.4]
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C. Continuum method derivation
This section contains a reduction of a rigid frame structure using the continuum method,
mentioned in 2.6.

First, the beams are cut in their contraflexure point. A shear flow of intensity q is added
in the points where beams are cut. Thereafter the forces equivalent to the shear flow are
added to the column, shown in fig 2.25(part c). The shear flow results in normal forces (N)
in opposite directions along the columns together with moments. The lack of continuity in
the model is taken into account in setting up a differential equation of the following form

y′′ − 1
K
N ′′ + 1

EIgN
= 0 (C.1)

From equation C.1, the governing differential equation of the cantilever column replacing
the framework can be derived to be

y′′′′ − κ2y′′ = w

EI

(
az2

2 − 1
)

(C.2)

The relative displacement is divided into 3 parts. The displacement due to bending of the
columns is

∆1 = ly′ (C.3)

The columns deform axially with the following relative displacement in the example

∆2 = − 1
E

( 1
Ac1

+ 1
Ac2

) ∫ H

x
Ndz (C.4)

A graphical representation of these 2 displacement components is illustrated in figure
2.26

additionally the relative displacement caused by the bending of the beams (fig can be
derived as

∆∗3 = −2
qh

(
l

2

)3

3EIb
= −

ql3

12EIb
= −

ql2

12EIb
lh

= −
ql2

Kb

(C.5)

where
Kb = 12EIb

lh
(C.6)

The equation above holds for infinite stiff columns. As the solid line in figure 2.26 shows,
the columns can develop double curvature bending between the beams. For these situations,
the shear stiffness of the framework has to be taken into account. The shear stiffness can be
defined as

K =
( 1
Kb

+ 1
Kc

)−1
= Kb

Kc

Kb +Kc

= Kbr (C.7)

By replacingKb in equation C.7 with the total K from equation C.7 we get the total ∆3-value
as

∆3 = −ql
2

K
(C.8)
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The equations derived above can easily be extended to be used in multi-bay structures by
defining the contributors to the shear stiffness as

Kb =
n−1∑
i=1

12EIb,i
lih

(C.9)

and

Kc =
n∑
i=1

12EIc,i
h2 (C.10)
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D. Story drift tables

D.1 Base value
The column bending stiffness and the corresponding beam stiffness to obtain certain total
drift requirements are illustrated in the following tables. No axial stiffness of the columns
is taken into account in this section and joints are assumed to be rigid. X-directional frame
tables are shown to the left while z-directional frame is shown to the right

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 0.4
0.6 4 4 3.4 0.6 0.2
0.8 4 4 0.8 0.4 0.2
1 4 1.4 0.6 0.4 0.2
1.2 4 1 0.4 0.4 0.2
1.4 4 0.8 0.4 0.2 0.2
1.6 4 0.6 0.4 0.2 0.2
1.8 4 0.6 0.4 0.2 0.2
2 4 0.6 0.4 0.2 0.2
2.2 4 0.6 0.4 0.2 0.2
2.4 4 0.4 0.4 0.2 0.2
2.6 4 0.4 0.4 0.2 0.2
2.8 3.4 0.4 0.4 0.2 0.2
3 3 0.4 0.4 0.2 0.2
3.2 2.6 0.4 0.4 0.2 0.2
3.4 2.4 0.4 0.4 0.2 0.2
3.6 2.2 0.4 0.4 0.2 0.2
3.8 2 0.4 0.4 0.2 0.2
4 1.8 0.4 0.4 0.2 0.2

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 0.4
0.6 4 4 4 0.8 0.4
0.8 4 4 1.4 0.6 0.2
1 4 3 0.8 0.4 0.2
1.2 4 1.8 0.8 0.4 0.2
1.4 4 1.4 0.6 0.4 0.2
1.6 4 1.2 0.6 0.4 0.2
1.8 4 1 0.6 0.4 0.2
2 4 1 0.6 0.4 0.2
2.2 4 0.8 0.6 0.4 0.2
2.4 4 0.8 0.4 0.4 0.2
2.6 4 0.8 0.4 0.4 0.2
2.8 4 0.8 0.4 0.4 0.2
3 4 0.8 0.4 0.4 0.2
3.2 4 0.8 0.4 0.4 0.2
3.4 4 0.8 0.4 0.4 0.2
3.6 4 0.6 0.4 0.2 0.2
3.8 4 0.6 0.4 0.2 0.2
4 4 0.6 0.4 0.2 0.2

D.2 Varying MPZ-value
These tables are same as in D.1, but with varying degree of fixity in the joints between
columns and beams.
90% joint fixity
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D.2. VARYING MPZ-VALUE

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 0.8
0.6 4 4 4 1 0.4
0.8 4 4 1.4 0.4 0.2
1 4 2.6 0.8 0.4 0.2
1.2 4 1.2 0.6 0.4 0.2
1.4 4 1 0.4 0.4 0.2
1.6 4 0.8 0.4 0.2 0.2
1.8 4 0.6 0.4 0.2 0.2
2 4 0.6 0.4 0.2 0.2
2.2 4 0.6 0.4 0.2 0.2
2.4 4 0.6 0.4 0.2 0.2
2.6 4 0.6 0.4 0.2 0.2
2.8 4 0.4 0.4 0.2 0.2
3 4 0.4 0.4 0.2 0.2
3.2 3.6 0.4 0.4 0.2 0.2
3.4 3.2 0.4 0.4 0.2 0.2
3.6 2.8 0.4 0.4 0.2 0.2
3.8 2.6 0.4 0.4 0.2 0.2
4 2.4 0.4 0.4 0.2 0.2

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 0.6
0.6 4 4 4 1 0.4
0.8 4 4 2.2 0.6 0.2
1 4 4 1.2 0.4 0.2
1.2 4 2.8 0.8 0.4 0.2
1.4 4 1.8 0.8 0.4 0.2
1.6 4 1.4 0.6 0.4 0.2
1.8 4 1.2 0.6 0.4 0.2
2 4 1 0.6 0.4 0.2
2.2 4 1 0.6 0.4 0.2
2.4 4 1 0.6 0.4 0.2
2.6 4 0.8 0.6 0.4 0.2
2.8 4 0.8 0.4 0.4 0.2
3 4 0.8 0.4 0.4 0.2
3.2 4 0.8 0.4 0.4 0.2
3.4 4 0.8 0.4 0.4 0.2
3.6 4 0.8 0.4 0.4 0.2
3.8 4 0.8 0.4 0.4 0.2
4 4 0.8 0.4 0.2 0.2

80% joint fixity
EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 3.2
0.6 4 4 4 3 0.4
0.8 4 4 4 0.6 0.2
1 4 4 1.2 0.4 0.2
1.2 4 2.4 0.8 0.4 0.2
1.4 4 1.4 0.6 0.4 0.2
1.6 4 1 0.6 0.4 0.2
1.8 4 0.8 0.4 0.2 0.2
2 4 0.8 0.4 0.2 0.2
2.2 4 0.6 0.4 0.2 0.2
2.4 4 0.6 0.4 0.2 0.2
2.6 4 0.6 0.4 0.2 0.2
2.8 4 0.6 0.4 0.2 0.2
3 4 0.6 0.4 0.2 0.2
3.2 4 0.6 0.4 0.2 0.2
3.4 4 0.4 0.4 0.2 0.2
3.6 4 0.4 0.4 0.2 0.2
3.8 3.6 0.4 0.4 0.2 0.2
4 3.2 0.4 0.4 0.2 0.2

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 1.2
0.6 4 4 4 2.2 0.4
0.8 4 4 4 0.8 0.4
1 4 4 1.8 0.6 0.2
1.2 4 4 1.2 0.4 0.2
1.4 4 3 0.8 0.4 0.2
1.6 4 2 0.8 0.4 0.2
1.8 4 1.6 0.6 0.4 0.2
2 4 1.2 0.6 0.4 0.2
2.2 4 1.2 0.6 0.4 0.2
2.4 4 1 0.6 0.4 0.2
2.6 4 1 0.6 0.4 0.2
2.8 4 1 0.6 0.4 0.2
3 4 0.8 0.6 0.4 0.2
3.2 4 0.8 0.4 0.4 0.2
3.4 4 0.8 0.4 0.4 0.2
3.6 4 0.8 0.4 0.4 0.2
3.8 4 0.8 0.4 0.4 0.2
4 4 0.8 0.4 0.4 0.2

70% joint fixity
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D.2. VARYING MPZ-VALUE

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 4
0.6 4 4 4 4 0.6
0.8 4 4 4 1.4 0.4
1 4 4 3.6 0.6 0.2
1.2 4 4 1.2 0.4 0.2
1.4 4 3 0.8 0.4 0.2
1.6 4 1.6 0.6 0.4 0.2
1.8 4 1.2 0.6 0.4 0.2
2 4 1 0.6 0.4 0.2
2.2 4 0.8 0.4 0.2 0.2
2.4 4 0.8 0.4 0.2 0.2
2.6 4 0.6 0.4 0.2 0.2
2.8 4 0.6 0.4 0.2 0.2
3 4 0.6 0.4 0.2 0.2
3.2 4 0.6 0.4 0.2 0.2
3.4 4 0.6 0.4 0.2 0.2
3.6 4 0.6 0.4 0.2 0.2
3.8 4 0.6 0.4 0.2 0.2
4 4 0.4 0.4 0.2 0.2

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 4
0.6 4 4 4 4 0.6
0.8 4 4 4 1.4 0.4
1 4 4 4 0.8 0.4
1.2 4 4 1.8 0.6 0.2
1.4 4 4 1.2 0.4 0.2
1.6 4 3.8 1 0.4 0.2
1.8 4 2.4 0.8 0.4 0.2
2 4 1.8 0.8 0.4 0.2
2.2 4 1.4 0.6 0.4 0.2
2.4 4 1.2 0.6 0.4 0.2
2.6 4 1.2 0.6 0.4 0.2
2.8 4 1 0.6 0.4 0.2
3 4 1 0.6 0.4 0.2
3.2 4 1 0.6 0.4 0.2
3.4 4 1 0.6 0.4 0.2
3.6 4 0.8 0.6 0.4 0.2
3.8 4 0.8 0.4 0.4 0.2
4 4 0.8 0.4 0.4 0.2

60% joint fixity
EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 4
0.6 4 4 4 4 3.2
0.8 4 4 4 4 0.6
1 4 4 4 1.4 0.4
1.2 4 4 4 0.6 0.2
1.4 4 4 1.6 0.6 0.2
1.6 4 4 1 0.4 0.2
1.8 4 2.4 0.8 0.4 0.2
2 4 1.6 0.6 0.4 0.2
2.2 4 1.2 0.6 0.4 0.2
2.4 4 1 0.6 0.4 0.2
2.6 4 0.8 0.4 0.4 0.2
2.8 4 0.8 0.4 0.2 0.2
3 4 0.8 0.4 0.2 0.2
3.2 4 0.6 0.4 0.2 0.2
3.4 4 0.6 0.4 0.2 0.2
3.6 4 0.6 0.4 0.2 0.2
3.8 4 0.6 0.4 0.2 0.2
4 4 0.6 0.4 0.2 0.2

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 4
0.6 4 4 4 4 1.2
0.8 4 4 4 4 0.4
1 4 4 4 1.2 0.4
1.2 4 4 4 0.8 0.4
1.4 4 4 2.2 0.6 0.2
1.6 4 4 1.4 0.6 0.2
1.8 4 4 1 0.4 0.2
2 4 3.4 1 0.4 0.2
2.2 4 2.4 0.8 0.4 0.2
2.4 4 1.8 0.8 0.4 0.2
2.6 4 1.6 0.6 0.4 0.2
2.8 4 1.4 0.6 0.4 0.2
3 4 1.2 0.6 0.4 0.2
3.2 4 1.2 0.6 0.4 0.2
3.4 4 1 0.6 0.4 0.2
3.6 4 1 0.6 0.4 0.2
3.8 4 1 0.6 0.4 0.2
4 4 1 0.6 0.4 0.2

50% joint fixity
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D.3. VARYING AX-VALUE

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 4
0.6 4 4 4 4 4
0.8 4 4 4 4 2
1 4 4 4 4 0.6
1.2 4 4 4 2 0.4
1.4 4 4 4 1 0.4
1.6 4 4 3.2 0.6 0.2
1.8 4 4 1.6 0.6 0.2
2 4 4 1 0.4 0.2
2.2 4 3.2 0.8 0.4 0.2
2.4 4 2 0.6 0.4 0.2
2.6 4 1.4 0.6 0.4 0.2
2.8 4 1.2 0.6 0.4 0.2
3 4 1 0.6 0.4 0.2
3.2 4 0.8 0.4 0.4 0.2
3.4 4 0.8 0.4 0.2 0.2
3.6 4 0.8 0.4 0.2 0.2
3.8 4 0.8 0.4 0.2 0.2
4 4 0.6 0.4 0.2 0.2

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 4
0.6 4 4 4 4 4
0.8 4 4 4 4 1
1 4 4 4 4 0.6
1.2 4 4 4 1.6 0.4
1.4 4 4 4 1 0.4
1.6 4 4 4 0.8 0.4
1.8 4 4 2.2 0.6 0.2
2 4 4 1.4 0.6 0.2
2.2 4 4 1.2 0.4 0.2
2.4 4 4 1 0.4 0.2
2.6 4 3 0.8 0.4 0.2
2.8 4 2.4 0.8 0.4 0.2
3 4 2 0.8 0.4 0.2
3.2 4 1.6 0.6 0.4 0.2
3.4 4 1.4 0.6 0.4 0.2
3.6 4 1.4 0.6 0.4 0.2
3.8 4 1.2 0.6 0.4 0.2
4 4 1.2 0.6 0.4 0.2

40% joint fixity
EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 4
0.6 4 4 4 4 4
0.8 4 4 4 4 4
1 4 4 4 4 3.6
1.2 4 4 4 4 0.8
1.4 4 4 4 4 0.4
1.6 4 4 4 2 0.4
1.8 4 4 4 1 0.4
2 4 4 4 0.8 0.2
2.2 4 4 2.4 0.6 0.2
2.4 4 4 1.6 0.4 0.2
2.6 4 4 1.2 0.4 0.2
2.8 4 4 1 0.4 0.2
3 4 2.6 0.8 0.4 0.2
3.2 4 1.8 0.6 0.4 0.2
3.4 4 1.6 0.6 0.4 0.2
3.6 4 1.2 0.6 0.4 0.2
3.8 4 1.2 0.6 0.4 0.2
4 4 1 0.6 0.4 0.2

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 4
0.6 4 4 4 4 4
0.8 4 4 4 4 4
1 4 4 4 4 1.2
1.2 4 4 4 4 0.6
1.4 4 4 4 3.6 0.4
1.6 4 4 4 1.6 0.4
1.8 4 4 4 1 0.4
2 4 4 4 0.8 0.4
2.2 4 4 3.2 0.6 0.2
2.4 4 4 2 0.6 0.2
2.6 4 4 1.6 0.6 0.2
2.8 4 4 1.2 0.4 0.2
3 4 4 1 0.4 0.2
3.2 4 4 1 0.4 0.2
3.4 4 3.2 0.8 0.4 0.2
3.6 4 2.6 0.8 0.4 0.2
3.8 4 2.2 0.8 0.4 0.2
4 4 1.8 0.8 0.4 0.2

D.3 Varying Ax-value
These tables are same as in D.1, but with varying axial stiffness in the columns.
90% axial stiffness
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D.3. VARYING AX-VALUE

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 0.6
0.6 4 4 4 0.8 0.2
0.8 4 4 1 0.4 0.2
1 4 1.8 0.6 0.4 0.2
1.2 4 1.2 0.6 0.4 0.2
1.4 4 0.8 0.4 0.4 0.2
1.6 4 0.8 0.4 0.2 0.2
1.8 4 0.6 0.4 0.2 0.2
2 4 0.6 0.4 0.2 0.2
2.2 4 0.6 0.4 0.2 0.2
2.4 4 0.6 0.4 0.2 0.2
2.6 4 0.6 0.4 0.2 0.2
2.8 4 0.6 0.4 0.2 0.2
3 4 0.4 0.4 0.2 0.2
3.2 4 0.4 0.4 0.2 0.2
3.4 4 0.4 0.4 0.2 0.2
3.6 3.6 0.4 0.4 0.2 0.2
3.8 3.2 0.4 0.4 0.2 0.2
4 3 0.4 0.4 0.2 0.2

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 0.6
0.6 4 4 4 1 0.4
0.8 4 4 2 0.6 0.2
1 4 4 1.2 0.4 0.2
1.2 4 3.2 0.8 0.4 0.2
1.4 4 2 0.8 0.4 0.2
1.6 4 1.6 0.6 0.4 0.2
1.8 4 1.4 0.6 0.4 0.2
2 4 1.2 0.6 0.4 0.2
2.2 4 1.2 0.6 0.4 0.2
2.4 4 1 0.6 0.4 0.2
2.6 4 1 0.6 0.4 0.2
2.8 4 1 0.6 0.4 0.2
3 4 1 0.6 0.4 0.2
3.2 4 0.8 0.6 0.4 0.2
3.4 4 0.8 0.6 0.4 0.2
3.6 4 0.8 0.4 0.4 0.2
3.8 4 0.8 0.4 0.4 0.2
4 4 0.8 0.4 0.4 0.2

80% axial stiffness
EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 0.6
0.6 4 4 4 0.8 0.4
0.8 4 4 1.4 0.4 0.2
1 4 3 0.8 0.4 0.2
1.2 4 1.4 0.6 0.4 0.2
1.4 4 1 0.6 0.4 0.2
1.6 4 0.8 0.4 0.4 0.2
1.8 4 0.8 0.4 0.2 0.2
2 4 0.8 0.4 0.2 0.2
2.2 4 0.6 0.4 0.2 0.2
2.4 4 0.6 0.4 0.2 0.2
2.6 4 0.6 0.4 0.2 0.2
2.8 4 0.6 0.4 0.2 0.2
3 4 0.6 0.4 0.2 0.2
3.2 4 0.6 0.4 0.2 0.2
3.4 4 0.6 0.4 0.2 0.2
3.6 4 0.6 0.4 0.2 0.2
3.8 4 0.6 0.4 0.2 0.2
4 4 0.6 0.4 0.2 0.2

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 0.6
0.6 4 4 4 1.2 0.4
0.8 4 4 4 0.8 0.4
1 4 4 1.8 0.6 0.2
1.2 4 4 1.2 0.4 0.2
1.4 4 4 1 0.4 0.2
1.6 4 3.2 0.8 0.4 0.2
1.8 4 2.4 0.8 0.4 0.2
2 4 2 0.8 0.4 0.2
2.2 4 1.8 0.8 0.4 0.2
2.4 4 1.6 0.6 0.4 0.2
2.6 4 1.4 0.6 0.4 0.2
2.8 4 1.4 0.6 0.4 0.2
3 4 1.4 0.6 0.4 0.2
3.2 4 1.2 0.6 0.4 0.2
3.4 4 1.2 0.6 0.4 0.2
3.6 4 1.2 0.6 0.4 0.2
3.8 4 1.2 0.6 0.4 0.2
4 4 1.2 0.6 0.4 0.2

70% axial stiffness
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D.3. VARYING AX-VALUE

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 0.8
0.6 4 4 4 1.2 0.4
0.8 4 4 2.4 0.6 0.2
1 4 4 1 0.4 0.2
1.2 4 2.6 0.8 0.4 0.2
1.4 4 1.6 0.6 0.4 0.2
1.6 4 1.2 0.6 0.4 0.2
1.8 4 1 0.6 0.4 0.2
2 4 1 0.4 0.4 0.2
2.2 4 0.8 0.4 0.4 0.2
2.4 4 0.8 0.4 0.2 0.2
2.6 4 0.8 0.4 0.2 0.2
2.8 4 0.8 0.4 0.2 0.2
3 4 0.6 0.4 0.2 0.2
3.2 4 0.6 0.4 0.2 0.2
3.4 4 0.6 0.4 0.2 0.2
3.6 4 0.6 0.4 0.2 0.2
3.8 4 0.6 0.4 0.2 0.2
4 4 0.6 0.4 0.2 0.2

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 0.8
0.6 4 4 4 2.4 0.4
0.8 4 4 4 1 0.4
1 4 4 4 0.8 0.4
1.2 4 4 2.4 0.6 0.2
1.4 4 4 1.6 0.6 0.2
1.6 4 4 1.4 0.6 0.2
1.8 4 4 1.2 0.4 0.2
2 4 4 1 0.4 0.2
2.2 4 4 1 0.4 0.2
2.4 4 4 1 0.4 0.2
2.6 4 3.6 1 0.4 0.2
2.8 4 3.2 0.8 0.4 0.2
3 4 2.8 0.8 0.4 0.2
3.2 4 2.6 0.8 0.4 0.2
3.4 4 2.4 0.8 0.4 0.2
3.6 4 2.2 0.8 0.4 0.2
3.8 4 2.2 0.8 0.4 0.2
4 4 2 0.8 0.4 0.2

60% axial stiffness
EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 1
0.6 4 4 4 2 0.4
0.8 4 4 4 0.8 0.2
1 4 4 1.8 0.6 0.2
1.2 4 4 1.2 0.4 0.2
1.4 4 4 0.8 0.4 0.2
1.6 4 2.4 0.8 0.4 0.2
1.8 4 1.8 0.6 0.4 0.2
2 4 1.4 0.6 0.4 0.2
2.2 4 1.2 0.6 0.4 0.2
2.4 4 1.2 0.6 0.4 0.2
2.6 4 1 0.6 0.4 0.2
2.8 4 1 0.6 0.4 0.2
3 4 1 0.6 0.4 0.2
3.2 4 0.8 0.4 0.4 0.2
3.4 4 0.8 0.4 0.4 0.2
3.6 4 0.8 0.4 0.2 0.2
3.8 4 0.8 0.4 0.2 0.2
4 4 0.8 0.4 0.2 0.2

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 1.4
0.6 4 4 4 4 0.6
0.8 4 4 4 2 0.4
1 4 4 4 1.2 0.4
1.2 4 4 4 1 0.4
1.4 4 4 4 0.8 0.4
1.6 4 4 4 0.8 0.4
1.8 4 4 3.2 0.6 0.2
2 4 4 2.6 0.6 0.2
2.2 4 4 2.2 0.6 0.2
2.4 4 4 2 0.6 0.2
2.6 4 4 1.8 0.6 0.2
2.8 4 4 1.6 0.6 0.2
3 4 4 1.6 0.6 0.2
3.2 4 4 1.4 0.6 0.2
3.4 4 4 1.4 0.6 0.2
3.6 4 4 1.4 0.6 0.2
3.8 4 4 1.4 0.4 0.2
4 4 4 1.2 0.4 0.2

50% axial stiffness
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D.4. MEMBER STIFFNESS FOR H/600 REQUIREMENT

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 2
0.6 4 4 4 4 0.4
0.8 4 4 4 1.2 0.4
1 4 4 4 0.8 0.2
1.2 4 4 3 0.6 0.2
1.4 4 4 1.8 0.6 0.2
1.6 4 4 1.2 0.4 0.2
1.8 4 4 1 0.4 0.2
2 4 4 1 0.4 0.2
2.2 4 4 0.8 0.4 0.2
2.4 4 3.2 0.8 0.4 0.2
2.6 4 2.6 0.8 0.4 0.2
2.8 4 2.2 0.8 0.4 0.2
3 4 2 0.6 0.4 0.2
3.2 4 1.8 0.6 0.4 0.2
3.4 4 1.8 0.6 0.4 0.2
3.6 4 1.6 0.6 0.4 0.2
3.8 4 1.6 0.6 0.4 0.2
4 4 1.4 0.6 0.4 0.2

EIc H1000 H600 H500 H400 H300
0.2 4 4 4 4 4
0.4 4 4 4 4 4
0.6 4 4 4 4 0.8
0.8 4 4 4 4 0.6
1 4 4 4 4 0.4
1.2 4 4 4 2.8 0.4
1.4 4 4 4 1.8 0.4
1.6 4 4 4 1.6 0.4
1.8 4 4 4 1.4 0.4
2 4 4 4 1.2 0.4
2.2 4 4 4 1 0.4
2.4 4 4 4 1 0.4
2.6 4 4 4 1 0.4
2.8 4 4 4 1 0.4
3 4 4 4 0.8 0.4
3.2 4 4 4 0.8 0.4
3.4 4 4 4 0.8 0.4
3.6 4 4 4 0.8 0.4
3.8 4 4 4 0.8 0.4
4 4 4 4 0.8 0.4

D.4 Member stiffness for H/600 requirement
The member bending stiffness needed for elements with changing degree of fixity in joints
is illustrated in the following table.
EIc base MPZ09 MPZ08 MPZ07 MPZ06 MPZ05 MPZ04
0.2 4 4 4 4 4 4 4
0.4 4 4 4 4 4 4 4
0.6 4 4 4 4 4 4 4
0.8 4 4 4 4 4 4 4
1 3 4 4 4 4 4 4
1.2 1.8 2.8 4 4 4 4 4
1.4 1.4 1.8 3 4 4 4 4
1.6 1.2 1.4 2 3.8 4 4 4
1.8 1 1.2 1.6 2.4 4 4 4
2 1 1 1.2 1.8 3.4 4 4
2.2 0.8 1 1.2 1.4 2.4 4 4
2.4 0.8 1 1 1.2 1.8 4 4
2.6 0.8 0.8 1 1.2 1.6 3 4
2.8 0.8 0.8 1 1 1.4 2.4 4
3 0.8 0.8 0.8 1 1.2 2 4
3.2 0.8 0.8 0.8 1 1.2 1.6 4
3.4 0.8 0.8 0.8 1 1 1.4 3.2
3.6 0.6 0.8 0.8 0.8 1 1.4 2.6
3.8 0.6 0.8 0.8 0.8 1 1.2 2.2
4 0.6 0.8 0.8 0.8 1 1.2 1.8

Member stiffness needed for varying axial stiffness of columns is illustrated in the following
table
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D.4. MEMBER STIFFNESS FOR H/600 REQUIREMENT

EIc base AX09 AX08 AX07 AX06 AX05
0.2 4 4 4 4 4 4
0.4 4 4 4 4 4 4
0.6 4 4 4 4 4 4
0.8 4 4 4 4 4 4
1 3 4 4 4 4 4
1.2 1.8 3.2 4 4 4 4
1.4 1.4 2 4 4 4 4
1.6 1.2 1.6 3.2 4 4 4
1.8 1 1.4 2.4 4 4 4
2 1 1.2 2 4 4 4
2.2 0.8 1.2 1.8 4 4 4
2.4 0.8 1 1.6 4 4 4
2.6 0.8 1 1.4 3.6 4 4
2.8 0.8 1 1.4 3.2 4 4
3 0.8 1 1.4 2.8 4 4
3.2 0.8 0.8 1.2 2.6 4 4
3.4 0.8 0.8 1.2 2.4 4 4
3.6 0.6 0.8 1.2 2.2 4 4
3.8 0.6 0.8 1.2 2.2 4 4
4 0.6 0.8 1.2 2 4 4
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E. Peak along-wind acceleration script
This script is a matlab -function for caclulating the approximative maximum along-wind
acceleration in the building frame. Input for this function is the fundamental frequency,
mass per vertical meter of the building and mean along-wind velocity.

along-wind acceleration
function acc = myacc(n_1x,mz,v_m,building_b)
% Returns the along wind acceleration from mass_per_floor and
% fundamental natural frequency, terrain category 0, and

% CODE EN-1991-1-4
% Terrain category
C = 0;
z_min = 1;
z_0 = 0.003;

z_t = 200;
L_t = 300;

% Dimensions of the building in chosen direction [m]
building_h = 117;

z_s = building_h;
% Air density [kg/m3]
air_d = 1.25;

% Wind force coefficient Cf at H
c_f = 1.3;

% Damping
D = 0.01;

k_I = 1;
c_0 = 1;
I_v = k_I / ( c_0 * log(building_h / z_0));
zeta = 0.6; % for rigid frame
phi =@(z) (z./building_h).ˆzeta ;

% Equivalent mass for building system [kg/m]
m_e = (integral(@(z) mz.*phi(z).ˆ2,0,building_h)) / (integral(@(z) phi(z)

.ˆ2,0,building_h));

% Alpha-value
alpha = 0.67 + 0.05*log(z_0);

L = L_t .*(building_h / z_t) .ˆalpha;

f_L = n_1x .* L ./ v_m;

S_L = 6.8*f_L / (1+10.2*f_L) .ˆ(5/3);
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B =sqrt(1/(1+0.9*((building_h + building_b)/L).ˆ0.63 ));

% Damping
delta_s = 2*pi*D / sqrt(1-Dˆ2);
delta_d = 0;
delta_a =( c_f * air_d * building_b * v_m )/ (2 *n_1x * m_e);
delta = delta_s + delta_a + delta_d ;

nu_b = 4.6 .* building_b / L .* f_L ;
nu_h = 4.6 .* building_h / L .* f_L ;

R_h = 1/ nu_h - 1 / (2*nu_hˆ2)* ( 1 - exp(-2.*nu_h));
R_b = 1/ nu_b - 1 / (2*nu_bˆ2)* ( 1 - exp(-2.*nu_b));
R = sqrt(piˆ2/ (2*delta) .* S_L .* R_h .* R_b);

K_X = (2 *zeta +1)* ((zeta+1) * (log(z_s/z_0) + 0.5) -1) / ((zeta+1)ˆ2*
log(z_s/z_0));

sigma_a_x =( c_f *air_d * building_b *I_v * v_mˆ2 )/m_e * R * K_X *phi(
building_h) ;

nabla = max(n_1x .* sqrt( Rˆ2 / (Bˆ2 + Rˆ2)) , 0.08) ;

T = 600;

k_p = max( sqrt(2 *log(nabla*T)+ 0.6 / sqrt(2*log(nabla*T))) , 3);

acc = sigma_a_x * k_p ;
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